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EXECUTIVE SUMMARY

Prestressed concrete structures experience a reduction of the effective prestressing force in
strands, often called the ‘Prestress Loss’, that occurs as a result of time-dependent effects such as
creep, shrinkage and relaxation. Prestress loss is a factor in determining the lifespan of prestressed
concrete bridge girders because, as the quantity of prestressing reduces, tensile stresses from
service load moments can overcome the compressive stress from prestressing resulting in tensile
stresses in the girders. The prestress losses as well as the condition of the in-service girders are
factors used in load rating a structure. The strength or serviceability of bridge girders can be
affected by the assumptions used for load rating. As a result, some transportation authorities, like
the North Carolina Department of Transportation, may “load post” or limit the load allowed on the
bridge if strength or serviceability criteria are not met, causing traffic disruptions. Four AASHTO
Type 111 girders were recovered during the deconstruction of North Carolina’s Herbert C. Bonner
Bridge and brought to the laboratory for testing to failure. This project gives the opportunity to
evaluate the losses of these four prestressed girders in varying conditions that were used in service
for nearly 60 years. It also focuses on examining how the code-based methods for predicting losses
and capacities perform for these aged girders. The results of the experiments and analyses were
used to make recommendations on the performance of these girders, including discussion on
prestress losses for girders with and without corroded strands, on improved prestress loss
calculation methods, and on the remaining safe load carrying capacity of the selected bridge
girders.

The four girders recovered from the laboratory for structural testing are referred to as the
BTE series of experiments in this report. The BTE specimens were tested to failure at the
Constructed Facilities Laboratory (CFL) at North Carolina State University, to evaluate strength
and serviceability performance after 56 years of service in a corrosive environment. A small
number of load cycles were performed at relatively low load levels prior to monotonically loading
to ultimate capacity. The specimens were heavily instrumented to determine their deformation
response throughout loading. This instrumentation included the use of high-resolution digital
image correlation (DIC) equipment. The instrumentation was also used to monitor first cracking.
Using the experimental data, prestressing losses at the time of testing in the laboratory were

determined. Sectional analysis models of the girders were developed in Response-2000 to predict



load deformation response. Experimental results showed that BTE2, BTE3 and BTE4 had similar
amount of prestress loss while BTE1 had a significantly higher loss of prestress attributed to a
corroded strand near midspan. The measured prestress losses for the four specimens were 44.3 ksi,
34.0 ksi, 35.4 ksi, and 36.0 ksi for BTE1, BTE2, BTE3, and BTE4, respectively. The flexural
capacities of girders BTE1, BTE2, BTE3, and BTE4 were 2831 k-ft, 2860 k-ft, 2699 k-ft and 2698
k-ft, respectively, which agrees reasonably well with the predictions given by the software program
Response-2000. The loading of BTE3 and BTE4 was stopped before catastrophic failure occurred
so that their end regions could be tested in shear. Response-2000 shows that the tests of these
girders reached 97% and 98% of their predicted ultimate flexural capacities (2760 k-ft for BTE3
and 2780 k-ft for BTE4). The test-to-predicted ratio for the BTE series ranged from 0.971 to 1.006,
with the predicted flexural capacities between 2760 and 2860 k-ft. The mean prediction was 2804
k-ft, and the results had a coefficient of variation of 1.56%. The moment-curvature response given
by Response-2000 aligns well with the experimental response, including the transition in stiffness
from the uncracked response to the cracked response. The study has shown corrosion of strands
can significantly influence effective prestress losses, and models developed in Response-2000 can
capture these effects by accounting for the corroded strands.

Current design equations for predicting short-term and long-term prestress losses are based
on empirical relationships for a range of structural typologies. Material properties such as
compressive strength and modulus of elasticity change with time and their estimation at a certain
point in time is based on empirical relationships. Creep, shrinkage and relaxation are also a
function of local environmental factors, such as humidity, temperature, and the amount of traffic.
Approximate estimates are typically used in the design and evaluation of structures, but
approximate methods may not reflect the exact conditions of a particular structure. Theoretical
prestress losses were calculated using the methods described in the AASHTO LRFD. The methods
include the AASHTO LRFD Refined Method (using nominal material properties), the AASHTO
LRFD Refined Method consistent with NCDOT assumptions, the AASHTO LRFD Refined
Method using measured material properties, and the Lump Sum Method. The Refined Methods
give reasonable estimates of losses for BTE1 with corroded strands. For BTE2, BTE3, and BTE4,
the Refined Method using nominal material properties and the Refined Method consistent with
NCDOT assumptions are both conservative approaches with a mean test-to-predicted ratio of 0.76

and 0.78, respectively. Lump Sum estimates are found to be more conservative than Refined
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Methods with test-to-predicted ratios between 0.66 and 0.80. The results of this study indicate that
using measured material properties with the AASHTO LRFD Refined Method gives more accurate
estimates of losses, as compared to laboratory measurements, with test-to-predicted ratios between
0.92 and 1.09.

The ultimate load capacity and stresses at cracking were eventually incorporated in a load
rating calculation of the girders. Theoretical and experimental results indicate the rating factors
exceed 1.0 under the Strength I (both inventory and operating) and Service I11 limit states (for an
allowable stress of 6Vf\). Therefore, the structure has sufficient load carrying capacity under these
limit states with the HL-93 design truck considered for estimating live loads. However, the rating
factors are less than 1.0 for the zero tensile stress criteria under the Service Il limit state. The
results indicate the zero tensile stress limit is not near the capacity of the members and significant
benefits could be achieved if this zero stress limit is relaxed in some scenarios.

The study also provides a unique opportunity to determine the shear capacity of these aged
girders in certain load configurations. Shear testing was conducted to examine the shear response
in scenarios where the load is applied near to a support. Both ends of BTE3 and one end of BTE4
were tested in shear. While it was not possible to catastrophically fail one end of BTE3 as the
actuator capacity was reached, the end region capacity of the girders in applied shear were 287
Kips and 276 kips. The corresponding applied moments were 2585 k-ft and 2447 k-ft. BTE4 failed
at an applied shear of 274 kips. The applied moment in this case was 2394 k-ft. The maximum
crack width observed was 2.50 mm and the failure was brittle in nature.

The study recommends the use of Response-2000 to model the behavior of aged prestressed
concrete girders, as the software was shown to predict both the load-deformation response and
ultimate capacity of beams with reasonable accuracy. In-situ material properties would ideally be
used near the end of the service life to refine loss estimates, but it is not recommended at the design
phase. The results indicated that the experimental flexural strengths far exceeded the service limit
states, which is safe and conservative. The study recommends that the bridge girders could have
operated safely under an extended service life if the zero tensile stress limit could have been
relaxed under the service limit states, only at the end of the service life. At the time the girders
were replaced, the measured losses in the girders were such that the zero stress limit was exceeded
under the service limit state according to the AASHTO LRFD Refined Method (using nominal
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material properties), the AASHTO LRFD Refined Method using measured material properties,

Response-2000 with measured material properties and experimental measured values.
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CHAPTER 1 - INTRODUCTION

1.1. Background

Application of prestressed concrete beams to highway bridges in the United States dates to the
1950s. One factor that contributes to the continued popularity of prestressed concrete for long-
span flexural members is that these members are often capable of remaining uncracked throughout
their service lives. Cracking in concrete facilitates water infiltration which leads to the progression
of corrosion of the reinforcing steel, concrete spalling, and eventually a reduction in load carrying
capacity of a bridge girder. This deterioration from cracking can reduce the service life and
increase maintenance costs. Prestressed concrete resists flexural cracking because the prestressing
steel, often referred to as strands or tendons, is tensioned to produce compressive stresses in the
concrete. By adding precompression, an applied moment must first relieve the compressive stress
in the girder concrete resulting from prestressing before a tensile stress can be produced. Therefore,
the moments required to crack a prestressed concrete member are typically significantly higher
than those required to crack a similar reinforced concrete member. Designs can be configured so
that the service loads placed on a prestressed concrete member may never exceed their cracking
capacity. However as prestressed concrete structures age, time dependent effects such as shrinkage
and creep of concrete and relaxation of steel cause a reduction in the effective prestressing force.
This loss of strand tension in the strands implies a loss of compression in the concrete. This loss
of strand tension is the common definition adopted for “prestress loss” and is the definition used
in this report. Thus, final prestress losses in a girder would be the difference in the initial strand
tensile stress, just prior to transfer, and the effective prestress at the end of service life of the

member.

As concrete forms the products of hydration after casting and any excess free water
evaporates, the concrete will shrink. Unrestrained shrinkage reduces the length of members
thereby resulting in a prestress loss. Creep is the long-term increase of concrete strain under
constant stress. Since the tensioning of the prestressing steel produces a compressive stress in the
member, creep in the concrete will result in an increasing compressive strain throughout its life,
stated otherwise as a shortening of the concrete element. Like shrinkage, the reduction in total

strand strain resulting from concrete creep reduces the force in the prestressing strand and



contributes to prestress losses. Finally, relaxation of the prestressing steel is the reduction in stress
at a constant strain over time. In a prestressed concrete structure, the relaxation of the strands will
result in reduced strand tension, and thus, reduced compressive stress in the concrete. Figure 1.1
shows a representation of creep and relaxation on the stress-strain response of the concrete and
steel. While it is convenient to think of creep, shrinkage and relaxation as independent phenomena,

however, they occur simultaneously and interact with one another throughout the life of the

structure.
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Figure 1.1: Representation of losses from creep and relaxation.

The cumulative effect of these long-term losses reduces the effectiveness of the initial
prestressing of the concrete. As the pre-compression applied to a section decreases, tensile stresses
from applied moments on simply supported members can more easily overcome the compressive
stress generated by prestressing, making the member more susceptible to cracking. While
prestressed concrete may increase the durability of a member by reducing cracking, and thereby
corrosion, the long-term loss of prestressing acts as a limit on the serviceable life of a prestressed
concrete member, especially if a zero-tension limit state criterion is imposed. For bridge structures,
many government agencies, including the North Carolina Department of Transportation (NCDOT)
require that the service loads placed on a bridge do not cause tensile stress to any portion of
concrete in any cross-section. Figure 1.2 shows the short-term moment curvature response for
different levels of prestress loss to illustrate the reduction of a girder’s cracking moment for

increasing prestress loss. Note the ultimate strength is not significantly affected by the reduction



of prestressing, but the cracking moment decreases significantly as the losses become more severe
indicating tensile stresses in the concrete begin at lower loads with increasing losses.
Original
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Figure 1.2: Decrease in cracking moment as prestress losses increase.

Since the serviceability and performance of prestressed concrete girders essentially
depends on the existing effective prestressing force, accurate estimation of prestress losses can
directly improve the accuracy of condition assessment. An over-prediction in prestress losses
results in an overly conservative design for service load conditions, while an under-prediction in
prestress losses, depending on the severity of the under-prediction, could result in cracking under
service loads. Over the last decade, only few parametric studies investigating prestress losses in
prestressed concrete girders have been conducted (Garber et al., 2015; Higgs et al., 2015; Pessiki
etal., 1996; Rizkalla et al., 2010; Steinberg, 1995; Tadros et al., 1977). Estimation of prestress loss
is complex in nature because of variations in initial stressing conditions, difficulty in predicting
the variation of environmental conditions at the site after prestressing, estimation of material
properties (e.g. concrete strength and, ultimate tensile strength of strands), factors contributing to
concrete shrinkage and creep and their interdependence, varying geometry of the member, and
more. Additionally, the losses are a function of load on the structure which can be estimated with

accuracy that will vary based on the specific girders examined.

The Herbert C. Bonner Bridge spanned the Oregon Inlet in the North Carolina Outer Banks,
and construction was completed on the bridge in the early 1960s. As a result of deterioration and
other factors, the Bonner Bridge was deconstructed after the new Marc Basnight bridge was

completed. The Bonner Bridge consisted of 260 spans, with a majority constructed from utilizing



AASHTO Type Il prestressed concrete girders with cast-in-place concrete decks. A few of the
260 spans, particularly those crossing over the navigation channel, were founded on steel plate
girders. During deconstruction, four AASHTO Type IlI girders, each approximately 61 feet long,
were recovered as part of this research. The purpose of the research program is to determine the
performance of prestressed concrete girders after 56 years in use. The girders were brought to the
Constructed Facilities Laboratory (CFL) at North Carolina State University (NCSU) for structural
destructive testing to determine the prestress losses and the ultimate flexural capacity. Measured
prestress losses from the tests are compared to several analytical procedures currently practiced
such as the AASHTO LRFD Refined Method and the AASHTO Lump Sum Method, and the
AASHTO Standard Specifications. Testing of the aged girders sheds light on the load-deformation
response and provides experimental data on the prestress losses after 56-years in service. In
addition, tests documented the cracking loads and ultimate loads for each girder. The results are
used to provide recommendations related to prestress losses for the North Carolina Department of
Transportation. The research program provided the unique opportunity to also determine the shear
capacity of recovered bridge girders by testing the ends of the members. The tests provide insight
into the shear capacity of aged girders when loaded near their ends.

1.2. Research Significance

One of the main advantages of prestressing concrete structures is to delay the occurrence of cracks
by pre-compressing the concrete. Prestress losses that occur throughout the life of bridge girders
reduces the efficacy of the prestressing. Designers must consider these prestress losses at design
and during the evaluation of existing structures to determine if service limits are expected to be
exceeded. There have been very few large-scale tests of prestressed concrete girders recovered
from service to determine long-term prestress losses. This research provides the opportunity to
investigate four prestressed concrete girders that experienced 56 years of service in a corrosive
environment. The four girders were brought to the CFL at NCSU and destructively tested to failure.
The experiments were used to determine the full load deformation response, strength in flexure,
cracking moments and amount of effective prestressing. The experiments also provide information
on the stiffness of the girders, and the influence of deterioration including corrosion of strands that
has occurred. The research explores how long-term effects can change service and capacity

estimates. The results also informs how losses are determined for girders with and without



corrosion. The experiments were instrumented with Digital Image Correlation (DIC) to measure

the displacement field response of the members so that accurate estimates of first cracking and the

prestressing losses could be determined. The measured prestress losses are compared with several

analytical procedures. The measured prestress loss and flexural strengths obtained from the

experiments are then used to conduct load rating calculations of the bridge according to the
provisions of LRFR and LFR.

1.3. Layout of the Report

The balance of this report is divided into the following chapters:

Chapter 2 contains a review of relevant literature. It reviews the best practices for
calculating prestress loss and remaining flexural capacity. Existing research and
findings on prestress losses in concrete girders are discussed in Appendix A.

Chapter 3 discusses the experimental program for testing the four prestressed concrete
girders recovered from Bonner Bridge, referred to in this report as the BTE series of
experiments. The chapter discusses material properties that affect prestress losses and
covers the experimental program for testing of materials. It includes the specimen
details, specimen condition assessment identifying existing damage or repairs.
Appendix B provides additional details on the experimental program such as the
detailed test setup, instrumentation, and loading protocol.

Chapter 4 presents the experimental results from the BTE series. Results such as the
load-deformation behavior, longitudinal strains, cracking moment, crack reopening
moment, and ultimate flexural capacity of the members are presented. Appendix C
provides additional details of the experimental results.

Chapter 5, discusses the loss of prestress in the recovered girders. Prestress losses are
measured from the results of the flexural testing of the girders. Response-2000 is used
to predict the behavior of the girders along with composite deck and estimate the
nominal flexural and shear resistance of the structure with the deck. In addition,
theoretical prestress losses are calculated according to the AASHTO LRFD Refined
Method, the AASHTO LRFD Lump Sum Method, and the AASHTO Standard
Specifications, and the results are compared with measured prestress losses from the

experiments.



In Chapter 6, load rating of the bridge according to both the Load and Resistance Factor
Rating (LRFR) Method and the Load Factor Rating (LFR) Method are estimated. It
discusses the use of measured prestress losses and actual flexural resistance of the
member to inform the load rating. The results from code based predictions and the
experimentally observed response are discussed. Appendix G provides additional
context and bridge load rating calculations.

Chapter 7 summarizes the conclusions and recommendations determined from the
research.

Appendix H includes a summary of the shear testing of the girders. In includes the
experimental program, shear behavior, the detailed load-displacement response and the

deformation pattern of the girders throughout loading.



CHAPTER 2 - LITERATURE REVIEW

2.1 Prestress Loss Calculation Methods

The negative effects of prestress losses were understood very early in the development of
prestressed concrete structures. As early as 1958, a joint American Concrete Institute (ACI) and
American Society of Civil Engineers (ASCE) committee developed Tentative Recommendations
for Prestressed Concrete (ACI-ASCE, 1958), a document that included methods for determining
the long-term prestress losses. The committee provided two different methods for determining
prestress loss. Method 1 assesses the loss of steel stress using a combination of the individual loss
components, and Method 2 provides different approximate losses for pre-tensioned and post-
tensioned concrete structures (ACI-ASCE, 1958). Method 1 uses Eq. 1 to estimate the change in
strand stress, Afs, where us is the strain in the concrete from shrinkage, ue is the strain in the concrete
from elastic shortening, ugq is the strain in the concrete from creep, Es is the elastic modulus of the
prestressing steel, o1 is the ratio of loss in steel stress from relaxation, 2 is the ratio of loss in steel
stress from friction during prestressing, and fsi is the initial stress in prestressing steel after seating

of the strand anchors.

Afs = (us + U, + ud)Es + Slfsi + 62fsi (1)

Method 2 states that the loss in the steel not including friction loss is 35,000 psi for
pretensioned structures and 25,000 psi for post-tensioned structures. The two different values for
pre- and post-tensioned concrete reflects the difference in losses that result from the two forms of
tensioning and different anchor sets. The ACI-ASCE joint committee’s loss estimates are Lump
Sum estimates of the change in strand stress from long-term losses. Lump Sum Methods are not
as versatile as methodologies that account for more complex effects, such as detailed loading
histories, however Lump Sum loss calculations are simple to perform and can be appropriate in

certain scenarios.

The literature describes that prestress loss calculation procedures can be generally
categorized into three approaches, listed in ascending order of complexity a) Lump Sum Methods
b) Refined Methods, and c) Time-Step methods (Garber et al., 2015; Russel and Jayaseelan, 2007;
Steinberg, 1995; AASHTO LRFD BDS, 2020). Typical lump-sum methods represent average



conditions, viable only for members with normal weight concrete (either steam or moist cured),
strands with low relaxation properties or prestressed by bars, and average exposure conditions and
temperatures (AASHTO LRFD BDS, 2020; NCHRP Report 496, 2003). An example of a current
lump sum method is provided in the AASHTO LRFD Bridge Design Specifications as the
Approximate Estimate of Time-Dependent Losses (AASHTO, 2020). The equations of the Lump
Sum Method have been updated over the years, and it is believed that although it somewhat
overestimates the prestress loss, the method can give reasonable results and can be appropriate in
preliminary design or other scenarios where more refined estimates are not required. Many DOTs
in the United States use Lump Sum methods to estimate their prestress losses. More complex
methodologies such as the Refined Method and the Time-Step Method are required to model and
predict prestress loss at a specific time in different stages of the life of the structure. More complex
methods are sometimes needed because stresses in the concrete and in the strand are constantly
interacting with one another and change over time. As steel strand relaxes, not only is the stress in
the strand decreasing and reducing the rate of relaxation, but the stress in the concrete also reduces
and concrete creep occurs more slowly. In addition to the interactions between loss components,
structures undergo a variety of different loading conditions throughout their life that change the
state of stress of the members. Figure 2.1 is reproduced from the National Cooperative Highway
Research Program (NCHRP) Report 496 (Tadros et al., 2003) on Prestress Losses in Pretensioned
High-Strength Concrete Bridge Girders. Figure 2.1 shows a representation of the changes in strand
stress over time for pretensioned concrete structures. Both these methods calculate prestress loss
by accounting for each increment in time and calculating the updated strains and stresses in each
of the materials. These strains can then be related back to global response. The Refined Method is
used to determine the individual loss components due to creep, shrinkage and relaxation separately,
and then sums up the components to give the total prestress loss. Lump-Sum methods are a
generalized form of the Refined Method, in that they approximate Refined Method calculations

and provide a simplified equation to determine prestress loss.

The Refined Method is used to determine the total loss of strand stress at any stage of the
life of structure by dividing the time frame into two phases. The Time-Step method is more
complex since stresses and strains of the structure are updated over much shorter time intervals to
give a more accurate estimation of the prestress loss, and hence, can account for the events shown

in Figure 2.1 appropriately. An early example of Refined Methods for assessing prestress loss can
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Figure 2.1: Pretensioned concrete girder strand stress over time (reproduced from Tadros et al.,
2003).

be found in the eleventh edition of the AASHTO Standard Specifications for Highway Bridges
published in 1973 (AASHTO, 1973). Refined Methods are desirable for the design of new
construction and for the assessment of aging infrastructure because they do not require a
computerized calculation processes like the even more complex Time-Step methods do. Examples
of current Refined Methods of prestress loss assessment are given in the PCI Bridge Design
Manual (2014) and AASHTO LRFD Bridge Design Specifications (2020). These two Refined
Methods are conducive for use on bridge structures like the Herbert C. Bonner Bridge, and they
are discussed in detail in sections Al.1 and Al.2 of Appendix Al. The AASHTO LRFD loss
calculations are currently used by the NCDOT for the assessment of aged bridges. For this reason,
combined with the prevalence of AASHTO LRFD Refined Method for assessment of bridge
structures, this loss prediction method is the focus of analysis in chapter 4 of this report. The results
are also compared with experimentally obtained prestress loss, Lump-Sum methods, and losses
calculated using actual material properties instead of nominal properties in AASHTO LRFD

equations.

Lastly, Time-Step methods are the most complex option, implemented with the equations
for Refined Methods fed into a computer program, where time-dependent losses are measured in

four different stages of varying time steps according to specific events occurring over the service



life of a prestressed concrete girder. The strains and stress along the girder are updated with each
time increment, and the strains can be related back to the global response. The strand stress changes
more frequently in the early life of a concrete structure, so the time intervals in a Time-Step
analysis may start as a relatively short increments, becoming longer as the structure ages in the
analysis. An example of time step loss analysis is given by Tadros et al. (1977). These methods
are powerful and can account for complicating factors such as varying cross sections over time,
composite action, material property changes through the depth, and varying loading over time, but
the complexity of these methods precludes them from frequent use in the assessment of aging
prestressed concrete infrastructure. The application of a Time-Step method also requires detailed
information of loading conditions that occur throughout the time period being examined which

may not be available.

Although the aforementioned methods can be used to estimate prestress loss at any stage
of the life of a structure, there have been only few experiments to measure and verify the amount
of losses in aged girders. The experimental research programs performed on prestressed concrete
bridge girders by Tadros et al. (2003), Miller et al (2000), Pessiki et al (1996), and Russell and
Burns (1996) observed that the PCI Design Handbook method, ACI 318, and AASHTO-LRFD
equations all overestimated the prestress losses. Besides these studies, few have attempted to
measure prestress losses in existing or deconstructed real world prestressed concrete bridges by
flexural testing of the specimens. Even rarer is the evaluation of structures 50 years or older. Visual
inspections of concrete and steel and the use of acoustic emission (AE) sensors and a few other
non-destructive techniques are currently the only field level practices commonly used to estimate
girder condition. These inspections have issues of subjectivity and complexity of determining the
actual structural capacity from observed external damage. The condition assessment does not
explain the performance of structures under existing loads and any measure of prestress loss from
the non-destructive techniques needs further research for reliability and accuracy (Civjan et al.,
1998).

Additional descriptions of methods in the literature, experimental investigations into
prestress losses in concrete structures, and studies on creep, shrinkage and relaxation are discussed

in Appendix A.
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2.2 Evaluation of Loss Methods for Peer Departments of Transportation

As part of the research program, a survey was conducted to gather information from state agencies
about practices related to prestress loss calculations in precast prestressed bridge girders. The
questionnaire specifically aimed at understanding prestress loss calculation procedures currently
practiced, and tried to acquire information about whether peer state departments of transportation
outside North Carolina use the AASHTO LRFD Refined Method, the Lump Sum Method, or other
procedures developed specific to that DOT. The survey also inquired as to the assumptions used
in loss estimates, such as the use of nominal versus measured properties, the maximum allowable
tensile stress under service conditions, whether to account for deterioration of a structure when
updating prestress loss, and finally, the steps taken to inform load rating of these bridges at any

point of their service life.

As discussed in this chapter, prestress loss consists of two components, the initial elastic
loss and long-term loss due to shrinkage, creep, and relaxation. The responses from the survey
indicate peer DOTSs follow a range of methods and standards when it comes to assessing short-
term and long-term prestress losses. The initial elastic losses are most commonly calculated
according to AASHTO LRFD Eq. 5.9.3.2.3a-1. The long-term losses are most often determined
according to the provisions of the AASHTO LRFD Refined Method (5.9.3.4), as some peer DOTSs
indicate the method gives reasonable estimates of long-term losses. In the Refined Method,
different agencies make different assumptions as to the age of beam concrete at deck placement,
to include 28 days, 56 days (NCHRP Report 496), 60 days, 90 days (a rule of thumb based off
guidance from the PCI Bridge Design Manual), and up to as much as 180 days. Girders constructed
at facilities require time for transportation to site and often there are delays to project schedules.

The DOTSs often select the exact age of concrete instead of relying on standard numbers.
While choosing the age of concrete at deck placement, DOTs assume that significant long-term
girder deflections due to shrinkage, creep, and relaxation have already occurred so that the deck
grade can be set and maintained. The final age of concrete is either taken as the exact age, or a
standard value to include 27 years (used by peer DOTSs), 56 years (PCI-BDM, 2014; NCHRP
Report 496), or even 75 years (used by peer DOTS).
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As much as the AASHTO LRFD Refined Method is used, the Lump Sum Method is also
commonly used. The survey revealed DOTSs also use the Lump Sum long-term loss equation from
previous versions of the AASHTO LRFD Bridge Design Specifications, and may have not yet
adopted the 9™ Edition of the Standard. Some peer DOTSs indicate that the “old” long-term Lump
Sum equation in AASHTO LRFD 4™ Edition generates results similar to even older prestress loss
recommendations whereas the current AASHTO LRFD equations often generate significantly
lower prestress loss values. Some DOTs recommend the use of “old” long—term equations for
estimating prestress losses in pre-decked girder sections, as they indicate the current AASHTO

equations were not developed for such structures and gives inaccurate results.

At the design phase, prestress loss calculations are carried out with nominal material
properties. Generally, prestress losses are not reevaluated at any stage of service life of girder
because of any kind of deterioration and practices such as core extraction from girders to determine
existing material properties is not commonly conducted for this purpose. When prestressed
concrete girder bridges are load rated, however, the existing condition of the bridge is taken into
account through thorough inspection and identifying deterioration such as concrete spalls,
corrosion, etc. The long -term effects of corrosion are not usually linked by calculation procedure
to prestress loss, as corrosion is usually only accounted for in capacity calculations by removing

exposed and corroded strands.

There are also some differences in how the different DOTs consider superimposed dead
loads and live loads for prestress gain under service conditions in the calculation of final prestress
loss. Three cases were observed: 1) Consideration of prestress gains from both superimposed dead
loads and live loads in prestress loss; 2) Exclusion of live load gains in prestress loss; and 3)
Exclusion of any prestress gain in the calculation of prestress loss. NCDOT considers both non-
composite (girder self-weight, diaphragm, build-up/haunch, deck etc.) and composite loads
(asphalt wearing surface, bridge rails, future wearing surface) in creep calculation for final time,
and also in elastic gains due to deck weight and superimposed dead loads. Prestress gain also
comes from the shrinkage of the deck, but some DOTSs suggest losses after concrete deck curing
(after the deck becomes composite section) are generally small. So, the prestress gain due to deck

shrinkage in the composite section is relatively small compared to the overall prestress loss over
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the entire service life, and does not significantly affect the final prestress loss. Nevertheless, the

loss component is still considered in calculation of prestress losses by some DOTSs.

In the case of load rating the bridge, the Load and Resistance Factor Rating (LRFR) method
is generally followed. However, some DOTSs prefer to rate old bridges according to their design
method, which is consistent with Load Factor Rating (LFR). An important finding is that there are
a wide range of stresses allowed under the service condition, ranging from 0 to 3V/f,’ to even 6Vf,..

The tensile limit chosen is often project specific.

Overall, the survey provided information to identify the choice of methods and assumptions
used by peer DOTSs to determine prestress losses. The findings inform the theoretical prestress loss
calculation procedure used for the BTE test series. Prestress loss estimates are also important when
determining the load rating of the bridge under service and ultimate conditions. Both prestress loss
calculation and load rating determination involves accounting for a number of variables such as
material properties, time intervals chosen for estimating prestress loss components, deterioration
such as corrosion and its impacts, allowable tensile stress, and more. The survey provides useful
information on selecting or estimating these variables to improve the accuracy of prestress loss
estimation and of load rating calculations for the BTE series.
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CHAPTER 3 - EXPERIMENTAL PROGRAM

To assess the amount of prestress losses in aged bridge structures and to improve methods for
determining predicted prestress losses, four girders from The Herbert C. Bonner Bridge in North
Carolina were recovered and tested at North Carolina State University’s (NCSU) Constructed
Facilities Laboratory (CFL). These four girders are labeled the BTE series, and were all in service
for approximately 56 years. The BTE experimental program provides the opportunity to determine
the amount of prestress losses and the influence of losses and degradation on the performance of
the girder in flexure by investigating first cracking and ultimate capacities. This chapter discusses
the experimental program, including specimen specifications and conditions, tested material
properties, experimental setup, and instrumentation. Further details including methods of testing

material properties, instrumentation and loading protocol are described in Appendix B.

3.1 Bonner Bridge Specimens

The concrete girders recovered for testing consisted of four AASHTO type 11 girders that utilized
a composite deck during service in the field. The girders were taken from span number 142 of the
Bonner Bridge and temporarily stored at a yard in Oxford, North Carolina before being transported
to the CFL. The decision to select these girders was based on their condition and their availability
relative to the deconstruction schedule. The condition of the selected girders was considered
typical based on the 2007 site report produced by the Alpha & Omega Group, an inspection agency
contracted by the NCDOT at that time. As discussed in the next section, this assessment was
consistent with observations made by NCSU of the girders just prior to testing. All four recovered
girders were 45 in. tall AASHTO Type Il sections measuring 61 ft. long. The laboratory testing
of recovered girders is discussed herein, and the exact condition of each tested girder was
documented prior to instrumentation and testing at the CFL. These condition assessments contain
any noted damage to the girders upon arrival to the CFL, and a measurement of camber for each
simply supported girder. The condition assessment of each tested girder is discussed in the next
section. In addition to condition drawing summaries, the NCDOT provided the original
construction drawings for the Bonner Bridge, and from the drawings, strand layout and shear
reinforcement of the girders is summarized below (see Figure 3.1 and Figure 3.2).
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Figure 3.1: Bonner Bridge half-span elevation view strand layout (reproduced from Bonner

Bridge plans originally prepared by Structural Design Unit of DOT).
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Figure 3.2: Bonner Bridge half-span elevation view stirrup layout (reproduced from original

construction drawings).

Each precast girder had 38 stress-relieved 7/16 in. diameter strands: two in the flexural
compression region and 36 in the flexural tension region. Six of the 36 strands in the flexural
tension zone were harped with harping locations at 5 ft. on either side of midspan. As indicated in
the drawings, the strands were each tensioned to 18,900 lIbs prior to casting. The shear

reinforcement consists of #4 vertical stirrups (1/2 in. nominal diameter). Measuring from the end
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of a girder, stirrups were spaced at approximately 12” on center through the shear span,
transitioning to no more than 20” in the midspan region (see Figure 3.2). The specified girder
concrete strength was 5000 psi, and the specified cast-in-place concrete deck strength was 3000
psi. To enable transport of the girders, the concrete deck was cut off the girders during bridge
deconstruction. However, to ensure no damage occurred to the girder itself when removing the
concrete deck, the cut occurred approximately two inches above the top of the girder, leaving a

thin residual layer of deck concrete bonded to the top of each girder.

3.1.1 Condition of BTE1

A summary of the condition of BTEL can be seen in Figure 3.3.
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Figure 3.3: Condition of BTE1 (horizontal scale reduced).

Figure 3.4 also provides supporting photos of the condition observed in the laboratory prior to
testing. BTEL had approximately 2.25 in. of concrete deck remaining on the top of the girder.
There is also some sawcut damage to the top flange near where site-cast concrete diaphragms were
removed. A spall repair near the girder’s midspan, as seen in Figure 3.3, covered a strand in the

bottom row of strands that was nearly completely corroded. Additionally, the spall repair covered
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another strand in the bottom row that was only partially corroded. Figure 3.5 shows these corroded
strands after flexural failure of the girder.
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Figure 3.4: Condition of BTE1 photos.
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Figure 3.5: BTE1 corroded strands (visible only after testing).

With the girder simply supported, camber measurements were taken along the length of
the girder by stretching a string line taught across the bottom flange of the girder and measuring
from the string line to a consistent place on the section. Figure 3.6 shows the camber measurements

taken along the length of the girder. The maximum measured camber was 1-7/8 in. at the midspan.
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Figure 3.6: BTE1 camber measurements.

3.1.2 Condition of BTE2

A summary of the condition of BTE2 can be seen in Figure 3.7. Figure 3.8 also provides supporting
photos of the condition in the laboratory. BTE2 had approximately 1.5 in. of residual concrete
deck remaining after saw cutting. The specimen has some top cracking, which likely resulted from
the transportation of the girder. When the specimens were inspected at the temporary storage yard,
no top cracking was observed. Thus, the top cracking likely occurred during transport to the
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laboratory from Oxford, NC, or was not as visible in the storage yard. The condition of BTE2 was,
overall, very good. Unlike BTE1, there was no damage to the top flange from removal of the

concrete deck, nor was there any evidence of repairs covering heavily corroded strands.
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Figure 3.7: Condition of BTE2 (horizontal scale reduced).
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Figure 3.8: Condition of BTE2 photos.
With the girder simply supported, camber measurements were taken along the length of
the girder, similar to BTEL. As shown in Figure 3.9, the maximum camber measured along the

length of the girder was 3/4 in. at the midspan. The measured camber of BTE2 was the least
measured across the recovered girders.
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Figure 3.9: BTE2 camber measurements.

3.1.3 Condition of BTE3

A summary of the condition of BTE3 can be seen in Figure 3.10. Figure 3.11 also provides
supporting pictures of the condition in the laboratory. BTE3 had 1.75 in. of residual concrete deck
remaining, and like BTE2, some top cracking occurred during transport to the CFL. BTE2 and
BTE3 were in similar conditions, except that BTE3 had a section of exposed strand visible near

the quarter point at one end.
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Figure 3.10: Condition of BTE3 (horizontal scale reduced).
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Figure 3.11 shows this exposed strand with corrosion not severe enough to significantly reduce

the total area of the strand.

Exposed strand from spall (bottom) Front corner spall repair (right side)

Figure 3.11: Condition of BTE3 photos.

With the girder simply supported, camber measurements were taken along the length of
the girder, as shown in Figure 3.12. The maximum camber measured was 1-3/8 in. at the midspan.
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Figure 3.12: BTE3 camber measurements.

3.1.4 Condition of BTE4

A summary of the condition of BTE4 can be seen in Figure 3.13. Figure 3.14 also provides
supporting photos of the condition in the laboratory. BTE4 had approximately 1.75 in. of residual
concrete deck remaining after saw cutting. The overall condition of BTE2 was generally very good,
and, there was no damage to the top flange from removal of the concrete deck. Concrete spalls and

repairs were observed at the bottom flange.
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Figure 3.13: Condition of BTE4 (horizontal scale reduced).
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Figure 3.14: Condition of BTE4 photos.

Camber measurements were taken along the length keeping the girder simply supported.
Figure 3.15 shows the measured camber along the length of the girder. The maximum camber was
1-1/4 in. measured at the midspan.
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Figure 3.15: BTE4 camber measurements.
3.1.5 Condition from Inspection Documents
The NCDOT provided condition assessment drawings for the Bonner Bridge produced by the

Alpha & Omega Group (2007). Figure 3.16 shows the assessment drawing for span number 142

(all girders recovered for testing came from this span).
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Figure 3.16: Bonner span number 142 condition drawing (Alpha & Omega, 2007).

Most of the deterioration for the span was on the underside of the concrete deck. Little
deterioration was noted on the girders except for an end region repair on the second girder from
the bottom ( girder BTE4 in this report). Besides corrosion of strands and, spall repairs, the other
damage described above was likely minor cracking and spalling by deconstructing, handling, and

shipping the bridge girders. The girders have bottom flange damage consistent with reasonable
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lifting points that might have been used during deconstruction, and any minor sawcut damage or

limited top cracking is the result of deconstructing the girders and transporting them to the CFL.

3.2 Material Properties

The stress-strain response of the concrete for each of the four girders tested in the laboratory was
determined using compression testing of cores taken from the girders at the laboratory. At least 5
cores were extracted from the top of each girder, each core having a nominal diameter of 3.75 in.
and a length of around 7.50 in. The compressive strength of the deck concrete was also measured
by compression testing cores with similar dimensions taken in the field by the deconstruction
crews. Additionally, the stress-strain response of the prestressing strand was determined by tension
testing segments of strands harvested from the recovered girders. Strands were taken from the end
regions of selected beams that failed in flexure so that the harvested strand samples were not
heavily damaged by the flexure testing. Details of the core testing and strand testing are discussed

in Appendix B.

A summary of the material properties of the prestressing strand and the concrete (discussed

in Section B.1 of Appendix B) are presented in Table 3.1.

Table 3.1: Summary of material properties.

Steel Properties

Steel Type foy (Ksi) fou (Ksi) E, (ksi)
7/16 in. Strand 239 271 28000
Concrete Properties
Specimen f'c (psi) Ec (ksi) €' (x103)
BTE1 6150 4710 1.89
BTE2 9080 6580 1.76
BTE3 7270 5870 1.70
BTE4 7970 5050 2.09
Deck 5550 3950 2.08

3.3 Experimental Setup for Flexural Testing

To determine the prestress loss and ultimate flexural capacity of the recovered Bonner Bridge
girders, the girders were first tested in four-point bending. The applied shear force and applied
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moment diagram corresponding to the flexural testing of the BTE series are depicted in Figure
3.17.

For BTE1 the load plates were placed 4.5 ft. to either side of midspan. The load spacing
for the four-point bending setup was placed such that the constant moment region occurred over
the unharped strands to avoid the effects from the vertical component of the strand in the harped
region. The strands are not harped for 5 ft. to either side of midspan. Additionally, since the shear
reinforcement density reduces near midspan, the applied load points needed to be placed near
midspan of the beam to increase the moment-to-shear force ratio, mitigating risk of a shear failure
in end region. Wider spacing of the load points would increase the applied shear to the section for
a given moment, and the relatively light shear reinforcement near the middle 50% of the girders
was insufficient to provide an adequate factor of safety against a shear failure with load points

spaced greater than 10 feet.
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Figure 3.17: Applied shear and moment diagrams for flexural testing of the BTE series.

MOMENT

The applied load for BTE1 placed the load points at sections near the harping locations,
and there may have been some influence on post-peak response after the flexural compression

failure. Therefore, for BTE2, load points were placed 7 ft. apart about the midspan to provide more
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distance between the load plates and the strand harping locations, while still providing a constant
moment region for instrumentation. The load was applied to the girders using a single 440 kip
actuator and a spreader beam spanning between the two 8 in. wide, 1 in. thick steel load plates.
Since the sawcut on the top of the girder was not level across the flange, the load plates were
leveled using grout. The girders were supported on two 6 in. wide, 1/2 in. thick steel plates with
the center of the plate located 9 in. from the ends of the girder to match the specified bearing
location in the original construction drawings. The support plates on both sides were grouted to
the bottom surface of the girder to ensure full contact with the embedded steel bearing plates. Each
support plate rested on a 3-1/2 in. diameter steel cylinder. On one side of the specimen the cylinder
was tack welded to a plate to create a pin condition, and on the other side of the specimen the
cylinder remained free to create a roller condition. The actuator was free to translate and rotate as
the girder deformed. Both sides of the beam were supported on 15 in. tall wide flange sections to
provide adequate clearance for deflection of the beam towards the strong floor. The support
condition can be seen in Figure 3.18, and the side and end view of the test setup can be seen in
Figure 3.19.

Figure 3.18: Support condition pin (left), pin stitch weld (center), and roller (right).
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Figure 3.19: Experimental setup for flexure tests.
3.4 Instrumentation for Flexure Tests

All BTE girders were instrumented to measure the applied load, vertical displacement, and selected
deformation data in the constant moment region throughout flexural testing. Load was applied by
a hydraulic actuator and measured using an integrated load cell of appropriate capacity. The
hydraulic actuator was also instrumented with a displacement transducer that recorded the actuator
stroke as load increased. Deformation of the girder between the loading points was extensively
measured using a number of systems including digital image correlation (DIC) equipment, a non-
contact optical LED system (Optotrak), several strain gauges placed along the depth of girder, and
traditional potentiometer displacement measurements. The DIC system recorded deformation data
on the west face of specimen, whereas LED markers were placed on the east face. The strain
gauges placed on the girder were used to measure strains near the top and bottom flange. The strain
gauges on the bottom flange can indicate cracking by a stiffness change during loading. In addition
to full field deformation data in the constant moment region, string potentiometers were used to
collect vertical displacement at five locations along the length of the girder. The full

instrumentation of the BTE girders can be seen in Figure 3.20.
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Figure 3.20: Instrumentation of BTE series girders.

As configured for testing, under self-weight, the bottom flange of a given girder is in

compression from the prestressing, but as load is applied in four-point bending, tensile flexural

stresses overcome the compressive stress created by prestressing. Figure 3.21 illustrates this

behavior. Load and deformation data recorded by the instrumentation is used to carefully

investigate this transition from compression to tension in the bottom fiber of the beam.

Deformation data collected with the DIC system is used to identify opening and closing of flexural

cracks which can then be carefully analyzed to calculate prestress loss. Further details on each

instrumentation are discussed in the subsequent sections.
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Figure 3.21: Behavior of prestressed girder in four-point bending as prestress is overcome.
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CHAPTER 4 - EXPERIMENTAL OBSERVATIONS

In this chapter, the results of laboratory testing the BTE series is presented. Results such as the
load-deformation, longitudinal strains, cracking moment, crack reopening moment, and ultimate
flexural capacity of the members is presented. For each girder, several load cycles were conducted
at low load levels. The girders were then monotonically loaded in flexure to assess their ultimate
capacity along with load-deformation response among other parameters studied. The detailed
analysis and results from the flexural tests along with photographs of the experimental program
are provided in Appendix C. The data presented is obtained from strain gauges on the girder
surface and deformation data recorded with the DIC system. For the DIC data, the strains presented

are engineering strains.

4.1 Discussion of Experimental Observations from Flexure Test

This section discusses the performance of the girders in flexure. The flexural testing shows that
the performance of the four girders was similar. A summary of the results from the BTE series of
tests is presented in Table 4.1 below. Note that these are all applied moments, Mmax is the maximum
moment applied to the specimen, M is the cracking moment, My, is the moment required to reopen

preexisting flexural cracks, and 4 is the deflection at peak load.

Table 4.1: Summary of experimental observations.

Specimen | M (k-ft) Mo (k-f0) A (in) Mumax (k-T0)
BTEL 1295 905 7.85 2550
BTE2 1370 995 6.58 2580
BTE3 1335 990 5.41 2420 (95%)
BTE4 1338 995 5.64 2420 (95%)

BTEL had the lowest peak moment of the two girders tested to failure, and BTE1 had the
lowest cracking and crack reopening moment of the four girders. Testing of BTEL revealed that
one of the strands in the bottom most row of strands was corroded, and core testing of BTEL
revealed that the compressive strength of the concrete was the lowest of the four girders. Thus, it
is expected that the capacity of BTE1 would be slightly lower than the other three specimens. The
difference in ultimate capacity between BTEL and BTEZ is, however, less than 1.5%. The response
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near cracking and crack-reopening of BTE2, BTE3 and BTE4 are nearly identical. If BTE3 and
also BTE4 were loaded further, it is likely that the ultimate moment capacity would be similar to
that of BTE2, and any difference would be the result of varying concrete strengths. This is

discussed in subsequent sections with corresponding modelling results.

The moment- relative curvature response of the BTE specimens is shown in Figure 4.1.
Relative curvature is defined as zero when the girder is simply supported on its supports with no
external loads on the member other than its self-weight. In this condition, there is negative
curvature from the prestressing and self- weight combination. The relative curvature for each
girder test can be determined using horizontal virtual extensometers in DIC post-processing, and
these extensometers are the same as the ones used to produce the strain profiles through the height
for each girder in section C.1 C.2, C.3 and C.4 in Appendix C. The curvature was determined from

the average longitudinal strains at multiple sections over the height over multiple cracks.
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Figure 4.1: Moment-relative curvature girder comparison.

Figure 4.1 confirms that except for BTEL (where a corroded strand was observed), all the
specimens performed with a very similar response. BTEL exhibits the same pre-cracked stiffness
as the other girders, but the response is less stiff after cracking compared to BTE2, BTE3 and
BTEA4. The loss of a prestressing strand combined with the lower concrete strength contributes to

32



the reduced post-cracking stiffness of BTEL. The transition from pre-cracked stiffness to post-
cracked stiffness in Figure 4.19 is an indicator of the amount of prestress loss in each of the three
beams. BTEL1 transitions stiffness at a lower applied moment, suggesting that it has more prestress
loss compared to BTE2, BTE3 and BTE4. BTE2 transitions stiffness at the highest applied
moment, suggesting that BTE2 has the least loss of the four. BTE2, BTE3, and BTE4 can be
considered as control specimens with no corrosion and provides means of comparison with BTEL

which had corroded strands.
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CHAPTER 5 - PRESTRESS LOSSES, RESIDUAL CAPACITY, COMPARISON OF

PRESTRESS LOSSES TO ANALYTICAL MODELS AND AASHTO LRFD CODE

This chapter discusses the loss of prestress in the recovered girders from the Bonner Bridge
determined from the results of the experimental testing on BTE1, BTE2, BTE3 and BTE4 and uses
Response-2000 to predict the response of the girders with a composite deck. The nominal flexural
of the structure is given by Response-2000. Theoretical prestress losses are also determined
according to AASHTO LRFD Refined Method, AASHTO LRFD Lump Sum Method and
AASHTO Standard Specifications and the results are compared with measured prestress losses. In
this chapter the term “loss” in reference to prestress losses is defined as the total reduction in strand
stress from the original specified jacking stress. This loss of strand stress is comprised of all
possible losses from the time of jacking including: elastic shortening of the member, concrete
creep, concrete shrinkage, strand relaxation, losses from thermal effects during casting, deck

placement, deck removal, anchor slip.

5.1 Prestress Loss Analysis

The prestress loss in each of the girders in the BTE series was determined using the crack
reopening moment determined in the cyclic flexural testing of each girder. The reopening moment
is an indication of the transition from compression to tension in the bottom fiber without the effect
of the tensile capacity of the concrete, and therefore the tensile capacity of the concrete does not
need to be known to determine remaining prestress and the variability of concrete tensile capacity
does not affect the result. The elastic equation for the stresses in the section given by Eq. 2, can be
used to determine the effective prestress force, Per, in the girders from the crack reopening
moment, My, by equilibrating the bending stress applied by load to the stresses induced by
prestressing less the stresses induced by dead load moment. As discussed in section A.4.2, a similar
equation was used by Azizinamini et al. (1996), Halsey and Miller (1996), and Higgs et al. (2015).
In these equations (Eq. 2 and Eq. 3), y is the distance from the transformed neutral axis to the point
in the section of interest where y is positive for heights below the transformed neutral axis. I is the
moment of inertia for the section using transformed section properties, A is the transformed section
area, e is the eccentricity of the prestressing strand, and My is the dead load moment at the section

of interest.
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The crack reopening moment for the BTE series was determined using virtual
extensometers in the analysis of DIC data and DIC principal strain maps which shows crack
propagation. The extensometers were placed approximately 1.75 in. above the bottom fiber of the
girder. As discussed in Chapter 4 and Appendix C, the crack height corresponding to the crack
reopening moment is the same as extensometer location and is equal to 1.75 in. Therefore, the
height into the cross section where total stress is zero is taken as 1.75 in. above the bottom fiber,
and y in Eq. 3 is equal to the height of the transformed section neutral axis less 1.75 in. From Pest
for each of the girders determined by Eq. 3, the individual strand stress can be determined by
dividing the total force, Pef, by the total strand area. The individual strand stress at crack reopening
for each of the girders is listed in Table 5.1 below. For BTE1, since one of the strands was found
to be corroded, the area of 37 strands is used instead of the original 38 strands in cross-section.
Corrosion is progressive and occurred over the service period. Completely disregarding one strand
may not be ideal as the strand continued to provide prestress over a significant period of the life
of the structure. For load rating purposes, AASHTO LRFD suggests to reduce the cross-section to
include the effects of deterioration and hence calculations were done for an area of steel equal to
37 strands.

Table 5.1: Average strand stress at crack reopening for BTE series.

Specimen os,eff (KSi)
BTEL1 (37 strands) 131.0
BTE2 1414
BTE3 139.6
BTE4 139.5

The strand stresses provided in Table 5.1 are slightly higher than the strand stress when
only dead weight is applied because they are determined at the crack reopening moment for each
girder. Therefore, to determine the average strand stress under only self-weight, the layered
sectional analysis program Response-2000 (Bentz, 2000) was used. The average effective strand
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stresses from Table 5.1 above were used to determine an average effective strain differential
between the concrete and the strand, Aeperr, by dividing by the strand modulus determined by
tension testing in section B.1.1 of this report. BTE1 has the lowest Aepert among all the girders.
Figure 5.1 shows the cross-sections used in Response-2000. The tensile strength of the concrete
was taken as zero in the Response-2000 models to simulate the crack reopening behavior of the
girders. Popovics stress-strain relationship fitted to average stress-strain results from core testing
of each girder and the modified Ramberg-Osgood relationship for the steel was used in Response-
2000. The deck thickness was the residual concrete deck remaining after saw cutting. The midspan
section was analyzed in Response-2000 to determine flexural capacity. The dead load moment
includes the girders own self-weight and weight of residual deck. The unit weight of concrete in

each girder is a function of compressive strength and calculated as stated in AASHTO LRFD Table
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Figure 5.1: Response-2000 section for BTE series (1) BTE1 with 37 strands (2) BTE2 (3) BTE3

(4) BTE4
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From these Response-2000 models the in-lab average strand stress at midspan for the
girders simply supported at their design span was determined. Since the prestressing steel stress
immediately before transfer is known from the original design, subtracting the in-lab average
strand stress at midspan given by Response-2000 models gives a measure of prestress loss over
the entire service life of the structure. If there was no prestress loss after 56 years of service, the
effective prestressing force would be the same and therefore, the stress in strands would be 175
ksi. Response-2000 uses the average effective strain differential between the concrete and the
strand which should be the same throughout the life of prestressed structure and other material
properties as necessary inputs to predict the behavior of girder in its current state. Since it can
generate the moment-curvature of the structure up to its flexural capacity, it can also give a
measure of strand stress under self-weight in a simply supported condition. The measured strand
stresses as determined form the laboratory experiments and with the application of Response-2000
are shown in Table 5.2 along with the total loss of prestress from the tension bed stress. The results
show that prestress losses in BTE2 (34.0 ksi), BTE3 (35.4 ksi) and BTE4 (36.0 ksi) are similar.
BTE1 have a much higher prestress loss, equal to 44.3 ksi which is 23.3%, 20.1% and 18.7%
higher in comparison to BTE2, BTE3 and BTE4. The higher prestress loss in BTEL can be the
effect of corrosion. The condition assessments indicate that BTE2, BTE3, BTE4 had multiple
concrete spall locations, exposed section of strands, and repairs but it does not appear to have

affected the losses for this series of tests.

Table 5.2: Average strand stress for recovered girders determined by Response-2000.

Specimen ot (ksi) os (ksi) Loss (ksi) Loss (%)
BTE1 (37
130.7 44.3 25.0%
strands)
BTE2 175 141.0 34.0 19.4%
BTE3 139.6 35.4 20.2%
BTE4 139.0 36.0 20.6%

* oris the nominal tension bed stress.
1 os is the midspan average strand stress from lab testing.

Response 2000 also yields an estimate of the flexural capacity of these girders as shown in the
Table 5.3.
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Table 5.3: Experimental and Predicted Flexural Capacity.

Specimen *Experiment, | Response-2000, Test-to- _
M. (k-ft) My (K-ft) Predicted Ratio
BTEL (37 2831 2815 1.006
strands)
BTE2 2860 2860 1.000
BTE3 72699 2760 0.978
BTE4 72698 2780 0.971
Mean 2846 2804 -
Ccov 0.72% 1.56% -

*Includes both self-weight and applied moment

fBTE3 and BTE4 were brought to 95% of the flexural capacity of BTE1

To further verify the accuracy of the Response-2000 models used to determine the strand
stresses in the BTE series, the short-term moment-relative curvature response at midspan for the
monotonic loading of each girder was compared to the predicted moment-curvature response
developed in Response-2000. For this, the girders self-weight moment was subtracted from the
moment-curvature response developed in Response-2000 to directly compare against the actuator
applied moments. Additionally, the curvatures in the Response-2000 moment-curvature plots were
adjusted so that the relative curvatures measured in the flexural testing of the BTE series could be
compared. Figure 5.2 shows the measured and predicted moment-curvature response for BTEL
having 37 strands. Response-2000 models for BTE2, BTE3 and BTE4 are shown in Figures 5.3,
5.4 and 5.5. The bandwidths are +25% of the predicted moment.
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The Response-2000 prediction for BTE1 with 37 strands (neglecting a strand from the
original 38 strands in cross-section due to corrosion) matches the moment-curvature response from
laboratory testing very well, and the model does particularly well in predicting the uncracked
stiffness as well as the transition from uncracked stiffness to cracked stiffness. The transition from
uncracked stiffness to cracked stiffness is directly related to the strand stress in the girder, and an
accurate representation of this behavior indicates that the strand stress in the model matches the
true strand stress in the specimen. In specimen BTE1, Figure 5.2 however, shows that the predicted
cracked stiffness isslightly higher than the actual response of BTEL. One of the reasons can be the
effect of corrosion among other variables. The moment curvature response of the BTE series
determined by flexural testing shows that the pre-cracked stiffness is similar for all specimens.
After transition, BTEL had a slightly lower cracked stiffness and corrosion may be a contributing
factor to the observed response.

In general, the inspection report of bridges indicate any signs of deterioration such as
corrosion, but it is difficult to estimate the extent of corrosion from visual inspection. The survey
of peer DOTSs also indicate they do not relate corrosion to loss. Since Response-2000 can predict
the moment-curvature response of the aged prestressed concrete girders without corroded strands
(as can be seen in subsequent sections when modelling BTE2 and BTES3), an effort was made to
incorporate the effects of corrosion in Response-2000 (HADRIAN SOFTWARE WORKS, 2023).
The approaches focus on estimating the effect of corrosion through reducing cross-section (as is
done for load rating purposes) and considering change in prestress along the depth of cross-section
due to corrosion. However, the outcome of the approaches are limited to comparison of the
moment-curvature response determined through flexural test and that given by Response-2000.

The approaches for modelling BTEL using Response-2000 are listed below:

1. Reducing the cross-section by removing any corroded strand identified through visual
inspection and assuming uniform prestress loss for all strands. BTE1 had one corroded strand
and therefore, a section considering 37 strands was modelled using Response-2000.

2. Considering all 38 strands in the cross-section and assuming uniform prestress loss for all
strands. This may attribute to the fact that the corroded strand was in service for a longer
duration and it may not be ideal to completely disregard the strand from cross-section. The

corroded strand certainly affects prestress loss but may not contribute significantly.
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3. Considering corrosion to affect other strands which were not visually identified and assuming
uniform prestress loss in all strands. A cross-section comprising of 36 strands was modelled in
Response-2000.

4. Considering corrosion to affect other strands which were not visually identified and assuming
a staggered prestress loss in strands along the depth of cross-section. The loss is assumed to be
higher in the bottom row of strands compared to the strands located higher in the profile where
effects of corrosion has not progressed yet. A cross-section comprising of 36 strands was

modelled in Response-2000.

The same crack reopening moment as determined from the experiment was used. The cross-section
used in Response-2000 for approach 2, 3 and 4 are shown in Figure 5.6. The cross-section used

for approach 1 can be found in Figure 5.1 shown earlier.
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Figure 5.6: Response-2000 section for BTE1 (1) 38 Strands (2) 36 Strands (3) Staggered Loss
with 36 strands.

In all the approaches, the same material properties determined in Chapter 3 for specimen
BTEL1 are used. Since the crack reopening moment remains the same regardless of the approach
and was determined experimentally, Eq. 73 gives roughly the same effective prestressing force for
each section. There is no significant change in the transformed area or moment of inertia when one
or two strands are disregarded in the section and therefore neglected. For all the sections to have

same effective prestressing force, the average strand stress in the section with 36 strands would
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essentially be higher compared to sections with 38 or 37 strands in approach 1 and 2 respectively.
This would give a higher average effective strain differential between the concrete and the strand
which is obtained by dividing average effective strand stress by the elastic modulus as discussed
previously. As before, the average strand stress are slightly higher than the strand stress when only
dead weight is applied because they are determined at the crack reopening moment for each girder.
Therefore, to determine the average strand stress under only self-weight, Response-2000 was used
to model these sections. For the staggered loss approach, it is assumed that the prestress loss is
more in the bottom rows compared to the strands above and generalizing a single value for the
prestress loss of the entire may not predict the response properly. Therefore, a higher prestress loss
of 44 ksi was applied to the bottom two rows of strands and a comparatively lower prestress loss
of 40 ksi was selectively applied for the strands above. The results are listed below in Table 5.4.
The predicted short-term moment relative curvature given by Response-2000 is shown in Figure
5.7.

Response-2000 models predict that BTEL would fail by flexural crushing of the flange for
all the approaches. The flexural capacity of BTEL from the flexural test was found to be 2550 k-
ft. The test to predicted ratio ranges from 0.97-1.02. The difference in flexural capacity occurs as
strands are removed to account for corrosion. This results in a reduced cross-section which have a
lower flexural capacity as the effective prestressing force is the same for all cases. Nevertheless,
the predicted flexural capacities are within 4% of the test result. A close observation of the
moment-relative curvature plot shows, Response-2000 can closely replicate cracked stiffness of
the member in approach 4, followed by approach 3, 2 and 1 respectively in order of decreasing

accuracy. This indicates approach 4 can predict the transition reasonably well compared to other

Table 5.4: Modelling BTE1 in Response-2000.

36 strands
Predicted Parameters 38 strands | 37 strands | 36 strands (Staggered loss)

os.eff (KSi) 127.3 130.7 134.3 129.9

AFyr (Ksi) 47.7 44.3 40.7 45.1

*Ultimate Applied Moment

(k-ft) 2595 2535 2471 2465

Flexural Capacity (k-ft) 2876 2815 2714 2712
Test to Predicted Ratio 1.02 0.99 0.97 0.97
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Figure 5.7: Prediction of moment-relative curvature response of corrosion affected girders.

approaches and therefore better represent the strand stress at different levels of the section. The
staggered loss approach predicts a prestress loss of 45.1 ksi. Approach 2 which has considered 37
strands also give similar prestress loss predictions (44.3 ksi) and predict the transition well. The
prestress loss in approach 3 is much lower (40.7 ksi) and that in approach 1 is the highest among
all approaches (47.7 ksi). Although the differences in response are relatively minor, they show
that if the effect of corrosion is taken into account by disregarding strands and appropriately
considering prestress loss over the strand profile, Response-2000 can predict the short-term
moment-relative curvature response of these aged prestressed concrete structure well. Subsequent
sections regarding analysis of BTEL, the result for approach 2 is followed as visually only one
strand was found to be corroded and the test-to-predicted ratio of the flexural capacity is the closest
to 1. Corroded strands were only observed in case of BTEL specimen and such analysis was not

carried out for other BTE specimens.

The Response-2000 predictions for BTE2 agrees well with the moment-curvature response
observed experimentally. The models do an excellent job of predicting the transition in stiffness
from uncracked to cracked response. For BTE2, which was tested to failure in flexure, the

Response-2000 model predicts BTE?2 to have a flexural failure by crushing of the top flange at an
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applied moment of 2580 k-ft. The test to predicted ratio for the BTE2 model is 1.00. Thus, the
model is capable of predicting the peak capacity well. In specimen BTES3, the change in stiffness
occurs at a slightly lower curvature than the actual response, but in general the prediction aligns
well with the results from the experiment. BTE3 was not tested to catastrophic failure in flexure.
Since the Response-2000 model matches the test behavior very well up through the peak applied
moment of 2420 k-ft, it suggests that the girder was very close to a flexural compression failure
with the predicted peak applied moment of 2480 k-ft. Response-2000 predicts that flexural testing
of BTE3 was stopped at 98% of the peak. The model for BTE4 predicts the cracked stiffness
accurately and also the transition phase. Response-2000 predicts that the test was stopped at 97%
of the peak load. Since Response-2000 predicts the series well including the initial stiffness, post
cracking stiffness and transitions from uncracked to cracked response it can be concluded that the
strand stresses determined and losses calculated are reasonable.

A sensitivity analysis showing Response-2000 predictions for losses higher and lower than
the predicted prestress loss was performed to corroborate the change in stiffness and also to assess
if the observed response crosses the limits. To examine the sensitivity of response to the losses,
Response-2000 predictions for 25% greater loss and 25% less loss was determined as shown in
Figure 5.8 and Figure 5.9 for BTE2 and BTES3 as the girders have similar predicted response. The
predicted first cracking moment (discussed in section 5.2 below) at the bottom fiber is also shown
for the predicted loss and the corresponding upper and lower bound cases. Results of the sensitivity
analysis shows that the observed and predicted response of BTE2 fits well within the bandwidth.
In specimen BTES3, both the +25% and -25% loss curve fits well to predict the initial stiffness. At
the transition, the moment-relative curvature response observed from test data aligns with +25%
loss curve. The observed response fits the cracked stiffness exceedingly well and is between the
+25% loss curves. So, the prediction of Response-2000 using the measured prestress loss is fairly

close to the observed response of the specimens and losses calculated are accurate.
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Figure 5.8: Comparison of prestress loss values of BTE2 using Response-2000.
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Figure 5.9: Comparison of prestress loss values of BTE3 using Response-2000.

BTEZ2 and BTE3 show very similar prestress loss over their 56 years of service followed
by BTE4 which shows slightly higher prestress loss. BTEL has sustained the highest prestress loss,

but this specimen is the only one to have a strand heavily corroded at midspan. The moment-
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curvature response with the actual curvature as predicted by Response-2000 is provided in Figure
5.10. Note that the first instance of cracking and crack reopening moment identified are

experimentally observed values and were determined when the crack has already progressed 1.75
in. into the depth of the beam.
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5.2 Comparison with Theoretical Prestress Loss

To investigate existing prestress loss estimation procedures, the experimentally determined losses
were compared to theoretical loss calculation methods. Within this study, prestress loss was
determined using the AASHTO LRFD Refined Method, the AASHTO-LRFD Lump-Sum Method,
and AASHTO-LRFD Refined Method incorporating NCDOT assumptions. In addition, prestress
loss was also determined for the four girders using measured material properties at the end of
service life following AASHTO LRFD Refined Method. Generally, in design, in-situ properties
should not be used for estimating losses. Specifically, specified concrete strengths should be used
rather than measured strengths beyond the specified strength gain requirements. The traditional
assumption is that the increase in concrete strength that occurs over the life of the structure will
approximately correspond to the reduction in strength that the members will experience as a result
of slow loading events. Therefore, it is not recommended to use measured concrete strengths in
design or early in the life of the member to predict long-term effects or strength limit state
calculations. However, this study explores the use of in-situ properties for use in service limit state
calculations conducted for structures near the end of their service life. All the prestress losses
calculated in this section are according to the provisions of current AASHTO LRFD standard (9™
Edition, 2020). Some DOTs use older version of lump-sum estimates, AASHTO LRFD 4" Edition
(2007) and the result is also shown for comparison. The theoretical losses were then compared
with experimentally obtained prestress loss. Since BTE1 had one corroded strand, prestress losses
were determined considering 37 strands instead of the original 38. This is a measure to account
for the effect of corrosion that reduced the prestressing over its service life. The approach provides
an opportunity to see how conservative or unconservative current loss prediction provisions are in

such scenarios.

5.2.1 Assumptions

The prestress losses are calculated considering the girder along with the composite deck. The
AASHTO LRFD Refined Method and AASHTO LRFD Lump Sum Method loss calculations

require a set of assumptions. These are listed below:

1. The design concrete strength of the girder was assumed to be 5000 psi
2. The design strength of the concrete deck was assumed to be 3000 psi.
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3. The effective flange width of deck was taken as 96 in., in accordance with AASHTO LRFD
section 4.6.2.6 (2020).

4. The full jacking stress as the initial strand stress was used in the calculation of concrete
stress at the centroid of the prestressing steel, fcgp, for the elastic loss calculation.

5. In the creep calculation for final time, both composite and non-composite loads were
included. Non-composite loads include the loading the bridge must carry before composite
action is achieved. Typical elements/loadings included for non-composite dead loads
(NCDL) are: girder self-weight, diaphragm weight (intermediate diaphragms), weight of
haunches, deck weight (the slab itself). Composite loads include elements/loadings such as
bridge rails (concrete parapet and railing), and Future Wearing surface.

6. In the girder-deck composite system, a future wearing course of 2 in was considered. The
thickness of haunch was specified as 1.5 in the Bonner Bridge Design Plans.

7. A standard weight of 455 Ib/ft indicated in the Structures Management Unit Manual of
NCDOT was used to determine the weight of bridge rails which considers two bar metal

rail with 2'-6" (760 mm) concrete parapet.

In the current NCDOT practice, the AASHTO assumptions for the age of the concrete at
transfer, ti, and the age of the concrete at composite deck laying, taare changed. In current practice,
NCDOT assumes that the concrete age at transfer, ti, is 1 day and the concrete age at composite
deck laying, tq, is 90 days. However, in the AASHTO LRFD commentary section C5.9.3.4.2c it
notes that the relaxation equation of Eq. 54 in this report is a simplification of an equation given
by Tadros et al. (2003) where the age at transfer is taken as 0.75 days and the age at composite
deck laying is taken as 120 days (AASHTO LRFD, 2020). To be consistent with the assumptions
in Eqg. 54, the AASHTO LRFD loss prediction uses a concrete age at transfer, t;, of 0.75 days and
a concrete age at composite deck laying, tq, of 120 days. Apart from these two values, the other
inputs to the Refined Method loss calculation are the same as the NCDOT assumptions. Figure
5.11 shows a comparison of the theoretical and experimentally obtained prestress loss of the

Bonner Bridge specimens. The subsequent sections will discuss the predicted losses in detail.
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Figure 5.11: Comparison of experimental and theoretical prestress losses.

*BTE-M indicates losses calculated using the AASHTO LRFD Refined Method using tested material properties.

**AFpes is the elastic shortening loss and AF 1 is the long-term loss due to creep, shrinkage and relaxation

5.2.2 Elastic Shortening Loss

Both the AASHTO LRFD Refined Method and the NCDOT assumptions result in the same elastic
shortening loss as shown in Figure 5.11. In comparison to the Refined Methods, the Lump Sum
Methods in the 9" and 4" Edition of AASHTO LRFD Standard Specifications predict higher losses
resulting from elastic shortening, by a margin of 16.7% and 25.0% respectively. On the other hand,
the elastic shortening loss predictions using in-situ properties are comparatively lower by 11.6%
for BTEL, 22.5% for BTE2, 14.7% for BTE3, 18.0% for BTE4 when compared to the Refined
Method. The elastic shortening loss depends on material properties such as concrete strength,
estimated modulus of elasticity concrete at transfer, modulus of elasticity of prestressing strand
and also on the methodology used as in the case of an iterative Eq. 21 for the Refined Method or
the alternative Eq. 23 used in the Lump Sum Method for this study. The design strength of the

51



concrete as specified in the Bonner Bridge drawings was 5.0 ksi for the girders but the measured
concrete strength at the end of service life of the girders was much higher, 6.15 ksi, 9.08 ksi, 7.27
ksiand 7.97 ksi for BTE1, BTE2, BTE3 and BTEA4, respectively. Since the equation for unit weight
of concrete and modulus of elasticity of concrete at transfer uses the concrete strength, higher
concrete strength would increase the moment due to self-weight of the girder. This reduces
concrete stress at the center of gravity of prestressing tendons due to tensile stresses, fegp (EQ. 22)
and at the same time over predict the modulus of elasticity at transfer which decreases the modular
ratio. Moreover, the AASHTO LRFD specifies the modulus of elasticity of prestressing strand to
be 28500 MPa whereas material test revealed an average value of 28000 MPa. This also decreases
the modular ratio. A smaller modular ratio and concrete stress at the center of gravity of
prestressing tendons causes the elastic shortening loss using in-situ properties to be lower. Table
5.5 shows the predicted elastic shortening loss, expressed as a percentage of the measured prestress
losses in the girders. The results indicate the amount of prestress loss that occurs early in the service
life of a prestressed concrete member in comparison to the total prestress loss that occurs over the
entire service life of the structure. On average, the predicted elastic shortening losses is 27.8%,
36.9%, 35.5% and 34.9% of the measured prestress loss in BTELl, BTE2, BTE3 and BTE4

respectively.

Table 5.5: Comparison of predicted elastic shortening loss to measured prestress loss

Predictted Elastic Shortening Loss/ Exp. Losses (%)

Methods - ortiﬁsrféjc Loss | BTEL | BTE2 | BTE3 ??’TG'_ES

(ksi) (45.1 ksi) | (34.0 ksi) | (35.4 ksi) ksi)

AASHTO LRFD Refined 13.0 28.7 38.1 36.6 36.0
?tgﬁégo LRFD Refined (37 12.6 27.9 37.0 356 | 350
Lump Sum 15.1 335 44.4 42.7 42.0
Lump Sum (4th Edition) 16.2 35.9 47.7 45.8 45.0
NCDOT Assumptions 13.0 28.7 38.1 36.6 36.0
BTE1-M (37 Strands) 11.5 25.4 33.7 324 31.8
BTE2-M 10.0 22.3 29.6 28.4 27.9
BTE3-M 11.1 24.5 32.5 31.2 30.7
BTE4-M 10.6 23.5 31.2 30.0 29.5
Mean 12.6 27.8 36.9 355 34.9
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5.2.3 Long-term Loss Components

The AASHTO LRFD Refined Method gives a measure of the various long-term loss components.
The loss components are listed in Table 5.6. The table shows how the losses are spread over the
two phases of the service life of the structure namely 1) Concrete at transfer and deck placement
and 2) Deck placement and final age of concrete.

Table 5.6: Long-term loss components.

Long-term AASHTO AASHTO
Igss LRFD LRFD Refined As,:quDp?i-I(;ns BTSErla-r:\éls§S7 BTE2-M | BTE3-M | BTE4-M
components Refined (37 strands)
Afpsr 7.9 7.9 7.2 6.9 5.4 6.2 5.9
Afpcr 14.8 14.4 13.2 11.7 8.0 10.2 9.2
Afpr1 4.9 5.0 4.9 5.1 5.3 5.2 5.3
Afpsp 2.8 2.8 3.4 2.2 1.4 1.9 1.7
Afpep -0.3 -0.4 0.4 -0.3 -0.3 -0.3 -0.3
Afpro 4.9 5.0 4.9 5.1 5.3 5.2 5.3
Afpss -1.8 -1.8 -1.8 -1.0 -1.0 -1.1 -1.2

In the refined estimate of long-term losses, the prestress losses due to creep and shrinkage
of girder concrete between transfer and deck placement phase contributes a major portion of the
loss, as much as 68.3% of the total long-term loss and 49.1%, nearly half of the total prestress loss
over the entire service life of the structure. The loss due to relaxation of prestressing strands is the
same for both time frames and hence is not considered for comparison. The shrinkage loss between
transfer and deck placement is as much as 2.83 times (from AASHTO prestress loss values) of the
shrinkage losses over the rest of the service life of member after deck placement. Rate of
evaporation is high initially due to evaporation of unused water and diminishes over years. This
explains the difference in shrinkage loss over the two phases. The long-term loss estimates using
in-situ properties show that both creep and shrinkage losses in the first time frame (concrete
transfer to deck placement) are comparatively lower in comparison to predicted losses using
nominal material properties. The loss due to creep are 20.9%, 45.7%, 31.3% and 37.7% and loss
due to shrinkage are 12.1%, 31.2%, 20.8%, 25.3% lower than the corresponding losses in
AASHTO LRFD Refined Estimate. A study by Barr et al. (2008) states a possibility that the
difference between losses among the girders may be due to differential magnitudes of creep and

shrinkage stresses.
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5.2.4 Total Prestress Loss

An examination of the total prestress loss due to elastic shortening and long-term losses is shown
in Figure 5.11. The results show that the predictions for BTEL are similar to the experimentally
measured prestress loss in all methods except for two. The Lump Sum approach specified in 4™
edition of AASHTO LRFD overestimates the loss whereas it is underestimated in AASHTO LRFD
Refined Method using measured properties. The Refined Method produces nearly the same
prestress loss when considering 37 strands to account for the corrosion instead of 38 strands. Lump
Sum losses align with the experimental prestress loss in BTE1 but is highly conservative for the
all the other girders. The Lump Sum estimate of 45 ksi provided in AASHTO Standard
Specifications (1973) is a reasonable estimate for BTE1. AASHTO Refined Method and Lump
Sum Method overestimated the losses for BTE2 in comparison to experimental loss. BTE2 had a
concrete strength considerably higher than other specimens and nearly double the specified
concrete strength, so the conservative prediction of loss is expected because a higher strength
concrete will experience less long-term creep strains under the same load as a lower strength
concrete. The opposite is true for BTEL, BTE3 and BTE4 which had comparatively lower concrete
strength (arranged in increasing order of strength) compared to BTE2. The study shows that the
prestress losses of girders can be different even if they are from the same span as in the case of
Bonner Bridge specimens and theoretical loss predictions show changes in concrete strength can

contribute to this variation. The test to predicted (T/P) ratio of losses are shown in Table 5.7.

Table 5.7: Test-to-predicted ratio of prestress losses (Predictions follow the code equations of
AASHTO LRFD).

Refined Method | Refined Method Refined Method Lumo Sum
with Nominal consistent with with Measured Lump Sum Methgd (4th
Experimental Material NCDOT Material Method Edition)
Girder )I(_%s; (Ksi) Properties assumptions Properties
Prestress Prestress Prestress Prestress Prestress
Loss T/P Loss T/P Loss (Ksi) T/P Loss T/P Loss T/P
(ksi) (ksi) (ksi) (ksi)
BTE1 451 0.98 1.00 41.3 1.09 1.00 0.88
BTE2 34.0 0.74 0.75 34.2 0.99 0.76 0.66
46.2 45.3 45 51.2
BTE3 354 0.77 0.78 38.3 0.92 0.79 0.69
BTE4 36.0 0.78 0.80 36.4 0.99 0.80 0.70
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The results show that the T/P ratio for losses using measured material properties can be
better compared to losses obtained with nominal material properties. Predicted prestress losses in
BTE2 and BTE4 have a test to predicted ratio of 0.99 and this shows for an undamaged girder,
predictions are reasonable. However, for BTE1, using measured material properties gives a more
conservative estimate of the losses in comparison to the measured losses, with a T/P ratio of 1.09.
Although loss predictions using in-situ properties are reasonable, as explained previously, nominal
material properties should be used for loss calculation at design or early in the life of the structure.
The Lump Sum estimates, either from the current Edition (2020) or older edition such as 4™ Edition
(2007), are in general conservative with T/P ranging from 0.76-1.00 and 0.66-0.88. The higher
upper bound of T/P for these methods is due to accurate prediction of losses only for BTE1 which

had the corroded strand. It is only reasonable to use these methods for preliminary estimates.

5.2.5 Prestress Gain

There can be an elastic “‘gain” due to deck weight, superimposed dead load and live load (Service
[11). The literature and a survey of the DOTSs indicates that some state agencies account for this
while others do not. NCDOT considers elastic gains due to deck weight and superimposed dead
load. Using the AASHTO LRFD Refined Method, the predicted elastic gains due to:

1) Deck weight and superimposed dead load is 3.30 ksi.
2) Live load (Service Il) is 5.43 ksi.

Figure 5.12 shows the predicted final loss percentage both with and without elastic gains
(with live load and without live load) as a percentage of the initial prestressing stress before

transfer.
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Figure 5.12: Prestress losses at service loads.

5.3 Cracking Moment and First Tensile Stress of BTE Series

Having determined the loss of prestress for the BTE series girders both experimentally and
theoretically, estimates of the first cracking moment, and the moment to produce tension in the
bottom fiber can be made. The capacities can later be compared to the live loads placed on the
girder by a rating truck such as the HS-20 (AASHTO, 2019). This provides an estimate of the
factor of safety against either the occurrence of tensile stresses in the bottom fiber of the girder or
cracking in the girders while they are used in service. As observed earlier, Response-2000 can
accurately predict the flexural response of the BTE series and confidently assess the prestress loss
in the recovered girders. Therefore, Response-2000 can also be reliably used to model the girder
with composite deck to predict the first cracking moment and tensile stress in the bottom fiber of
in addition to the girder configurations received at the CFL. Additionally, using Response-2000,
the ultimate capacity of the girders including the composite concrete deck can be compared to

applied live loads to ascertain the factor of safety against exceedance of the flexural capacity.

To determine the cracking moment and moment where first tension occurs in the bottom
fiber of the concrete for a given girder and prestress loss, Eq. 2 is modified to Eq. 4 below. In Eq.
4 Perr is determined by multiplying the total strand area by the strand stress which is determined
by subtracting the total losses from the initial jacking stress. M is the applied moment, and Mg is
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the dead load moment. The area and moment of inertia are transformed sectional properties

corresponding to the material properties of each girder.

— Perr | Perrey  (M+Ma)y )
A I 1

o

For the cracking moment predictions, an allowable tensile stress in the concrete of 6,/ f, is
used as suggested by the prestressed concrete load rating equations provided in section 6B.5.3.3
of the AASHTO Manual for Bridge Evaluation (AASHTO, 2019). For the assessment of first
tension in the bottom fiber, o in Eq. 4 is set to zero. The applied moments to cause first cracking
and the onset of tension in the bottom fiber are calculated for each girder using three different
amounts of prestress loss: the losses from AASHTO LRFD Refined Methods using NCDOT
assumptions, the losses from AASHTO LRFD Refined Methods with adjusted inputs suggested in
the AASHTO commentary, and finally, the losses measured from the laboratory testing of each

specimen. Table 5.8 below shows the resulting capacities.

Table 5.8: Predicted girder applied moment for various prestress losses without deck.

First Cracking (k-ft) First Tensile Stress (k-ft)
Specimen AASHTO- AASHTO- Response- AASHTO- AASHTO- Response -
NCDOT Commentary 2000 NCDOT Commentary 2000
BTE1 1157 1149 1159 878 870 880
BTE2 1163 1155 1261 844 836 942
BTE3 1147 1139 1233 855 847 941
BTE4 1165 1157 1247 855 847 936

The first cracking values predicted with the application of Response-2000 in Table 5.8 are
lower than those found in Chapter 4 of this report. These cracking moments are determined at the
bottom fiber not at 1.75 inches above the bottom fiber as is done in chapter 4. The first cracking
moment and the capacity at first tensile stress predicted by both AASHTO-NCDOT and
AASHTO-Commentaries are lower compared to the Response-2000 predictions incorporating
laboratory measured prestress losses. The results show that AASHTO LRFD Refined Method
modified with NCDOT assumptions better predict the first cracking and first tensile stress
moments of the BTE specimens in comparison to the AASHTO LRFD Refined Method using

commentary suggestions.
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The same first cracking and first tensile stress moments were calculated for the girders with
the composite deck. Figure 5.13 shows an example of the cross-section input to Response-2000 to
compute the capacities with the composite concrete deck attached. The effective flange width for
the girders is taken as the tributary area of the girders, 96 in., in accordance with section 4.6.2.6 of
AASHTO LRFD Bridge Design Specifications (2020) The thickness of the deck is 7 in. to
represent the minimum design thickness of 7.25 in. noted on the construction drawings for the

Bonner Bridge less 0.25 in. as a sacrificial wearing surface.

| 96.0 |

| | /s =0.800 in
[ . = . & . 2 o ¢ . | Za=27000n?

¥ .2
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Figure 5.13: Response-2000 section for BTE2 with composite deck at midspan.

The dead load considered for this analysis includes both composite and non-composite
loads such as girder, deck, diaphragm, barrier and rails, haunch, wearing course as would exist in
the actual structure were included for an estimation of the capacity. Table 5.9 shows the predicted
applied moment capacities for the four girders in the BTE series for the composite deck, girder

system.

Table 5.9: Predicted girder applied moment for various prestress losses with composite deck.

First Cracking (k-ft) First Tensile Stress (k-ft)
Specimen AASHTO- AASHTO- Response -2000 AASHTO- AASHTO- Response -
NCDOT Commentary NCDOT Commentary 2000
BTE1 1311 1299 1313 866 854 868
BTE2 1303 1292 1445 794 783 936
BTE3 1294 1282 1420 827 816 953
BTE4 1350 1338 1470 848 836 968
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Both Table 5.8 and 5.9 indicate that the first cracking and first tensile stress moments
predicted using the losses calculated by the AASHTO LRFD Refined Method consistent with
NCDOT assumptions are lower than the capacities predicted using Response-2000 that used
laboratory measured losses. For BTEL, the predictions using NCDOT comments are similar to the
capacity given by Response-2000. But for other BTE series specimens, which did not contain any
corroded strands, the predicted capacity from Response-2000 are higher. The first cracking
moment increase by 6-8% and the first tensile stress capacities are higher by 8-12%. Thus, for
girders with and without the effect of corrosion, current codes and practices can predict the

capacity reasonably well.

To provide additional context for the moments listed in Table 5.8 and Table 5.9, it can be
compared to the live load moment per wheel line for a design truck. Appendix C6B of AASHTO
Manual for Bridge Evaluation (2019) shows the live load moments per wheel for various rating
trucks over various spans. For convenience, the chart is appended at the end of this report in
Appendix F. The span for the Bonner Bridge girders is 61 ft 2 in, so it can be compared to the 60
ft span. The controlling live load is the live load with impact factors applied by the HS-20 truck.
This design truck produces a live load moment of 512.2 k-ft. The ratio of the live load moment
due to short-term loading for HS-20 truck to the capacities of the girder without deck are listed in
Table 5.10 and Table 5.11. Both Table 5.10 and Table 5.11 show that, accounting for self-weight,
the girders in the laboratory (without a composite deck) can support this moment without incurring
cracking or tension in the bottom fiber of the concrete. The results show that the live load moment
is around 40-45% of the first cracking capacity and around 55-60% of the first tensile stress

capacity.

Table 5.10: Live load moment to first cracking moment capacity ratio for HS-20 loading on

girders without deck for different loss quantities (M./Ct — Live Load Moment/ Capacity up to

tensile stress of 6,/f%).

AASHTO-NCDOT AASHTO-Commentary Response-2000
Girder
First Cracking (k-ft) | *M./Cy | First Cracking (k-ft) | MyJ/C+r | First Cracking (k-ft) | My/Cr
BTE1 1157 0.44 1149 0.45 1159 0.44
BTE2 1163 0.44 1155 0.44 1261 0.41
BTE3 1147 0.45 1139 0.45 1233 0.42
BTE4 1165 0.44 1157 0.44 1247 0.41
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Table 5.11: Live load moment to concrete capacity up to first tensile stress ratio for HS-20
loading on girders without deck for different loss quantities (M./Co — Live Load Moment/

Capacity up to zero tensile stress).

AASHTO-NCDOT AASHTO-Commentary Response-2000
Girder First Tensile Stress First Tensile Stress First Tensile Stress
(k-ft) ML/Co (k-ft) ML/Co (k-ft) ML/Co
BTE1l 878 0.58 870 0.59 880 0.58
BTE2 844 0.61 836 0.61 942 0.54
BTE3 855 0.60 847 0.60 941 0.54
BTE4 855 0.60 847 0.60 936 0.55

Similar comparisons to the live load moment can be made considering the girder with
composite deck. With a composite deck, results in Table 5.12 and Table 5.13 show that the live
load produced by the HS-20 with impact factors does not exceed the moment for first tension in
the bottom fiber of concrete or the first cracking moment, for each of the prestress loss quantities
when the composite concrete deck is included in the analysis. Table 5.12 shows the ratio of live
load moment to the capacity of girder for short-term loading for the HS-20 live load with impact
factors if a tensile stress of 6\/E is permitted in the composite girders, and Table 5.13 shows the
ratio of live load moment to the capacity of girder due to HS-20 for short-term loading if no tensile
stress is permitted. The results in Table 5.12 and 5.13 show that the girders have much greater
applied moment capacity than the demand placed on the structure by the HS-20 rating truck. The
live load moment is around 35-40% of the first cracking capacity and 53-65% of the first tensile
stress capacity of the girder with composite deck. Note that all demand to capacity ratios provided
in this section utilize unfactored loads and strength reduction factors have been set to unity. A
detailed discussion on the capacity of girder in terms of factored live loads can be found in the

load rating chapter of this report.
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Table 5.12: Live load moment to first cracking moment capacity ratio for HS-20 loading on

girders with deck for different loss quantities (M./Ct — Live Load Moment/ Capacity up to tensile

stress of 6,/f%).

AASHTO-NCDOT AASHTO-Commentary Laboratory Measured
. . . . . First
Specimen | First Cracking D/C First Cracking D/C Cracking (k- D/C
(k-ft) (k-ft) ft)

BTEL 1312 0.39 1300 0.39 1280 0.40
BTE? 1303 0.39 1292 0.40 1445 0.35
BTE3 1294 0.40 1282 0.40 1417 0.36
BTE4 1347 0.38 1335 0.38 1406 0.36

Table 5.13: Live load moment to concrete capacity up to first tensile stress ratio for HS-20
loading on girders with deck for different loss quantities (ML/CO — Live Load Moment/ Capacity

up to zero tensile stress).

AASHTO-NCDOT AASHTO-Commentary Response-2000
Specimen First Tensile First Tensile First Tensile
Stress (k-ft) M/Co Stress (K-ft) Mu/Co Stress (k-ft) M0/Co
BTEL 866 0.59 854 0.60 868 0.59
BTE? 794 0.64 783 0.65 936 0.55
BTE3 827 0.62 816 0.63 953 0.54
BTE4 848 0.60 836 0.61 968 0.53

The ultimate capacity of the girders with and without the composite concrete deck can also
be compared to the live load demand. Using the Response-2000 models discussed in section 5.1
above, the ultimate capacity for the girders with the composite concrete deck can be determined.
The predicted moment-curvature response of the girders with composite deck is shown in Figure
5.14.

While the failure mode of the girders in the laboratory was crushing of the top flange, the
capacity of the girders with their composite deck is governed by rupture of prestressing steel.
Ultimate capacity of members governed by rupture of prestressing steel is minimally affected by
prestress losses. This is in contrast to members governed by crushing of the top flange where
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prestress loss and stress-strain behavior of the concrete will affect the ultimate capacity. Lower
prestress loss will create a larger tensile stress that must be resisted by the top flange of the
concrete, and therefore, for members governed by concrete crushing, the ultimate capacity may be
lower if there is less prestress loss. Table 5.14 shows the predicted ultimate capacity of the girders
in the short term and the live load moment (512.2 k-ft) to flexural capacity ratio for the HS-20 live

load with impact factors. Note the ultimate capacity provided in Table 5.14 is the ultimate moment
capacity accounting for self-weight.
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Figure 5.14: Predicted Moment-Curvature Response of Composite Girder-Deck System using

Response-2000

Table 5.14: Ultimate applied moment capacity of the BTE series with composite concrete deck.

Specimen Mu (k-ft) Demand (k-ft) D/C
BTE1 3838 0.133
BTE2 3966 0.129

512.2
BTE3 3964 0.129
BTE3 3962 0.129
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Table 5.14 shows that all four of the girders have ultimate moment capacities that exceed
the live load demand of the HS-20 truck. BTEL has the highest D/C because of corrosion of strand
at midspan, but the ratio of live load demand to flexural capacity for BTE1 is 0.133. This suggests
that the girder still retains sufficient moment capacity. It is to be noted that for BTEL, the effect of
corrosion was more conservatively induced by disregarding strand which leads to a lower ultimate
moment capacity. The girders recovered from the Bonner Bridge all showed good performance
and maintain sufficient demand to capacity ratios even when no tensile stress is permitted in the
girders as required by the NCDOT. The residual capacity of the aged girders compares favorably
to the demands suggested in the table of live loads provided in appendix C6B of the AASHTO
Manual for Bridge Evaluation (2019).
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CHAPTER 6 — LOAD RATING OF BRIDGES

In this chapter the Bonner Bridge girder data is used to conduct load rating calculations for the
bridge girders using LRFR and LFR in accordance with AASHTO LRFD and AASHTO Standard

Specifications. Appendix G provides additional context and bridge load rating calculations.

6.1 Background and Approaches

Bridge load rating is done on a girder-to-girder basis. The material properties previously
determined underlines that each girder is unique and the prestress losses vary, although they were
from the same span. The girders were instrumented during flexural testing to determine the
effective prestressing force, prestress loss, cracking moment, first tensile stress capacity and
ultimate flexural capacity. The tests were conducted without a composite deck. However, with the
results, the capacity of structure (girder with composite deck) can be reliably estimated using
Response-2000 as discussed earlier. The flexural capacity of the structure was also determined
following AASHTO LRFD and AASHTO Standard Specifications in addition to prestress losses
obtained in Chapter 5. Using estimates of strength and stresses from AASHTO and Response-
2000, rating factors can be determined for each girder (along with composite deck). Rating factors
for the girder without deck can also be determined using simply the experimental values and this

can later be used to compare to the state of girder at those capacities.

The girders were load rated under both LRFR and LFR rating method. The main difference
in the methods arises in the strengths and stress estimates used for calculating rating factors. Under

the LRFR rating method, four approaches are discussed. These approaches are as follows:

1) The use of nominal material properties and finding prestress losses, strength and stresses
according to the provisions of AASHTO LRFD.

2) The use of measured material properties and finding prestress losses, strength and stresses
according to the provisions of AASHTO LRFD.

3) The use of measured material properties, and modelling in Response-2000 to find prestress

loss estimates, flexural resistance and stresses.
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4) The use of measured material properties and experimental data from flexural testing of the
girders. It is noted that although the entire composite girder-deck system was considered

but the flexural resistance was limited to the peak moment observed in flexural test.

The rating factors are discussed in the subsequent section.

6.2 LRFR and LFR Rating for BTE Series

The rating factors under LRFR and LFR rating method are listed in Table 6.1. The rating factors
in this section consider the nominal material properties for prestress loss and capacity estimates.
Under the LRFR method, three different limit states are used: Strength I (Inventory and Operating),
Service Ill and Service | limit states. LFR method does not mention any limit states, rather
inventory and operating rating were obtained from the factored load method and only inventory
ratings from the allowable stress method. The code specifies an allowable tensile stress of 6,/f
but since different state authorities have a policy of zero tensile stress, rating factors were
compared for allowable stresses of 6,/f;,3,/f; and 0 in both LRFR and LFR method as shown
in Table 6.1.

Table 6.1: Rating using nominal material properties.

LRFR Rating Factors

Strength | Strength | Service 11l Service 11l Service Il (HL- Service |
Inventory Operating (HL-93) (HL-93) 93) (Zero tensile (HL-93)
(HL-93) (HL-93) (6NF0) (3VFo) stress)
AASHTO
LRFD 1.82 2.36 1.12 0.90 0.67 2.45
AASHTO
LRFD with
NCDOT 1.82 2.36 1.14 0.91 0.69 2.45
lossess
LFD Rating Factors Allowable Stress Rating Factors
. Inventory Inventory
Inventory Operating (63Fc) (3\Fe) Inventory (0)
AASHTO 1.55 2.59 1.38 1.13 0.89
Standard

Theoretical prestress losses in the AASHTO LRFD Refined Method and using NCDOT
assumptions are similar. As a result, the rating factors are close. In both the methods, the rating

factor falls below 1 if only zero tensile stress is permitted under the Service Il conditions and
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would require the bridge to be posted. The inventory rating factors are higher under Strength |
limit state of LRFR in comparison to LFR. For all other cases, the LRFR rating factors wre lower
than LFR rating factors. However, it is unlikely to compare between LRFR and LFR rating factors
due to the different set of assumptions and load factors. Chen and Aswad (1996) found that the
LRFD code distribution factors can be uneconomically conservative for bridges with large span-
to-depth ratios. Live-load distribution factors in the current LRFD standard are obtained from a
parametric study by Zokaie et al. (1991b) which considered variations in girder spacing, girder

stiffness, span length, skew and slab stiffness.

Under the Service Il limit state, the differences between the rating factor decreases as the
allowable stress value reduces. One of the reasons for this is that LRFR has an additional live load
distribution factor of 0.8 which tends to reduce the effect of live load but increases the rating factor.
This reduction results in lower calculated tensile stresses in the girders thereby influencing the

rating factor.

6.3 LRFR Rating of BTE Series

According to the Manual for Bridge Engineering (MBE) guidelines, it is assumed that bridges that
have a rating factor greater than 1 (design load check) at the Inventory level will have satisfactory
load rating for all legal loads that fall within the LRFD exclusion limits. It is also assumed that
bridges may not rate (RF<1) for all state legal loads, specifically those vehicles significantly
heavier than the AASHTO trucks, even if they have adequate capacity for HL-93 at the operating
level. However, according to the specifications of MBE, the bridge having a rating factor greater
than 1 is assumed to sufficient capacity for AASHTO legal loads. The rating factors for each girder
under the LRFR rating method calculated with strength and stress estimates from AASHTO,
Response-2000 and experimental results are listed in Table 6.2, 6.3, 6.4 and 6.5.

BTEL incurred the most prestress loss because of the corroded strand. Since there was a
corroded strand, the condition factor in LRFR rating was selected to be 0.95. Results in Table 6.2
show BTEL did not meet the allowable stress criteria of 3,/f; or zero tensile stress as the rating

factor was less than 1. For BTEL, the rating factor for strength and serviceability states indicate

that Response-2000 with measured properties is less conservative than estimates with nominal
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properties. It should be noted that the experimental rating factors are expected to be less than the

theoretical estimates as the flexural capacity of the girder without the composite deck is used. The

experimental rating factors under Strength I, both inventory and operating, are greater than 1 for

BTE1 which was tested to flexural failure. This shows that BTE1 have sufficient load carrying

capacity for operating live load and maximum permissible live load to which the structure may be

Table 6.2: BTE1- LRFR rating factors in accordance with AASHTO LRFD provisions.

Assumbtions Strength | - Strength |- Service 11l Service 11l Service 11l Service |
P Inventory Operating (6NF) (3VF) (0Nf.)
Using Nominal
Properties & Refined 1.82 2.36 1.12 0.90 0.67 2.45
Loss
Using Measured
Properties & Refined 1.74 2.25 1.23 0.97 0.71 5.12
Loss
Response-2000 with 1.86 2.41 1.22 0.96 0.70 5.12
Measured Properties
Experimental 1.24 1.61 1.18 0.92 0.66 5.12
Table 6.3: BTE2- LRFR rating factors in accordance with AASHTO LRFD provisions.
Assumptions Strength I - | Strength I- Service 11l Service 11l Service 11l Service |
P Inventory Operating (6NF) (3VFo) (0VFo)
Using Nominal
Properties & Refined 1.82 2.36 1.12 0.90 0.67 2.45
Loss
Using Measured
Properties & Refined 1.93 2.51 1.48 1.17 0.86 5.61
Loss
Response-2000 with 2.01 2.61 1.49 1.18 0.87 5.61
Measured Properties
Experimental 1.25 1.62 1.49 1.18 0.87 5.61
Table 6.4: BTE3- LRFR rating factors in accordance with AASHTO LRFD provisions.
Assumbotions Strength | - Strength I- Service 11 Service 11 Service 11l Service |
P Inventory Operating (6VF0) (3VFY) (0VFo)
Using Nominal
Properties & 1.82 2.36 1.12 0.90 0.67 2.45
Refined Loss
Using Measured
Properties & 1.93 2.50 1.42 1.14 0.87 4.83
Refined Loss
Response-2000
with Measured 2.02 2.62 1.42 1.14 0.87 4.83
Properties
Experimental 1.14 1.48 1.42 1.14 0.87 4.83
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Table 6.5: BTE4- LRFR rating factors in accordance with AASHTO LRFD provisions

Assumbptions Strength | - Strength |- Service 11l Service 11l Service 11l Service |
P Inventory Operating (6Nf) (3fo) (0N
Using Nominal
Properties & 1.82 2.36 1.12 0.90 0.67 2.45

Refined Loss

Using Measured
Properties & 1.92 2.49 1.42 1.13 0.84 4.67
Refined Loss

Response-2000

with Measured 2.01 2.61 1.42 1.13 0.84 4.67
Properties
Experimental 1.19 1.55 1.43 1.14 0.85 4.67

subjected, even without the consideration of the nominal resistance of composite girder-deck
system. At service limit states, where allowable tensile stresses are used to to calculate rating
factors, the theoretical and experimental rating factors are comparable. At Service | limit state, the

experimental rating factor is greater than 1 even without considering the composite deck system.

Prestress losses in BTE2 (34.0 ksi), BTE3 (35.4 ksi) and BTE4 (36.0 ksi) were lower than
BTEL (45.1 ksi). The capacity of the girders, BTE2, BTE3 and BTE4 at the end of their service
life are similar since the prestress losses are comparable, and as a result, the rating factors are
nearly the same. For these three girders, the rating factors calculated from strength and stress
predictions using measured properties (both AASHTO LRFD Refined Method and Response-
2000) are greater than that obtained with nominal properties. The difference stems from the
prediction of a much higher prestress loss (46.2 ksi) in comparison to experimental losses in the
AASHTO LRFD Refined Method with nominal properties. The rating factors of all the girders are
greater than 1 for all limit states except for the zero tensile stress under Service 11l conditions and
when using nominal material properties with an allowable stress of 3,/f; in Service 111 limit state.
Although the girders do not meet the zero tensile stress limits, BTE2, BTE3 and BTEA still satisfies
the allowable stress criteria of 3,/f/ under Service I limit state when determined experimentally,
or using measured properties in AASHTO LRFD Refined Method or Response-2000. This
indicates the existing code provisions are conservative. The experimental rating factors under
Strength I, both inventory and operating, are greater than 1 for BTE2, BTE3 and BTE4. This shows
these aged girders have sufficient load carrying capacity at operating live load and maximum
permissible live load to which the structure may be subjected, even without the consideration of

the nominal resistance of composite girder-deck system. The experimental rating factors under
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service conditions are very close to the rating factors calculated using stresses predicted by
Response-2000.

The Rating Factor (RF) obtained above may be used to determine the safe load capacity of
the bridge in tons. The capacity of the girders from the results of Response-2000 with LRFD
Strength | operating and Service Il inventory (allowable tensile stresses of both 6,/f/ and 0) are

shown in Figure 6.1.

60.0

U
¥}
N}
w
)
~
[
9
)

50.0 48.3
7

40.0

29.7 29.7

2
o
'S

TR
~
H
~1
s
=)
o]

30.0

)
-
=

Capacity (tons)

v
i

20.0

N

10.0

(H———

=]
Gl LT

0.0

BTEI BTE2 BTE3 BTEl BTE2 BTE3 BTE4 | BTEl BTE2 BTE3 BTE4

Strength I-Operating Service III (6Vfc) Service IIT (Zero tensile stress)

Figure 6.1: Rating capacity of Bonner Bridge girders.

The capacity of BTEL in both strength and service limit states is the lowest among the four
girders tested as it had a corroded strand and a higher prestress loss. The capacity of the girders
BTE2, BTE3 and BTE4 on average were 52.3 tons in Strength-1 Operating, 29.3 tons in Service
I (6Vfc) and 17.1 tons in Service 111 (OVf’c). Under Service 111 conditions with no tensile stress
permitted at the bottom of girder, the capacities of the all the BTE series girders fall below the 20
tons. Therefore, at this limit state, results indicate no girders satisfy the serviceability criteria due
to the passage of a HL-93 design truck. According to the provision of AASHTO, the lowest rating
factor calculated among applicable limit states determines the controlling rating factor. In the BTE
series, BTEL had the lowest rating factor and capacity at Service Il limit state where only zero

tensile stress is permitted. Therefore, the study indicates rating factor of BTE1 governs.
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6.4 State of Girder at Rating Capacity

The flexural testing of the BTE series gives a unique opportunity to assess the behavior of member
in short-term heavy loading at the end of its service life. As mentioned earlier, cracks were marked
and photographed at different load stages during flexural testing of the girder which shows the
state of girder under those loading condition. Figure 6.2 shows the observed cracks at a load stage
of 150 kips of actuator load (1898 k-ft accounting for self-weight) and the failure of BTE1 in

flexure at a moment of 2831 k-ft. It is possible to show the girder condition at this two stages and

their corresponding location on the moment curvature response.

(a) (b)
Figure 6.2: Condition of BTEL at 150 kips of Actuator Load (corresponding to 1898 k-ft
accounting for self-weight) (c) Failure of BTEL at Ultimate Capacity (2831 k-ft)

Response-2000 can accurately predict the response of the aged prestressed girders along
with estimates of cracking moment, first tensile stress moment, flexural capacity. The predicted
moment-curvature response of BTEL is shown in Figure 6.3, marked with predicted capacities

under various methods and experimental capacity.
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Figure 6.3: Predicted moment-curvature response of BTE1 given by Response-2000.

Rating factors for serviceability checks are calculated using allowable stress at the cracking
moment (6Vfc) and first tensile stress capacity (0Vf’c). From Figure 6.3, it is observed that the
ultimate flexural capacity is 1.83 times the cracking moment and 2.43 times the crack reopening
moment. The LRFR rating factor for BTEL calculated at Service Il limit state with zero tensile
stress permitted at the bottom fiber of girder is less than 1. According to the guidelines of AASHTO
and MBE, the bridge does not satisfy the limit. However, at a permitted tensile stress of 6Vf’, the
LRFR rating factor is greater than 1 indicating the bridge does not require posting. Therefore, if
the bridges are allowed a tensile stress of 6,/f/ where the moment is around 55% of its ultimate
capacity, the design life could be extended (even if only the limit is extended near the end of their
service life). However, if a tensile stress of 6V’ occurs, it could also lead to new cracks opening.

This could lead to accelerated corrosion and therefore the bridge should be monitored accordingly.

Similar observations can be made for other girders of BTE series. Since BTE2, BTE3,

BTE4 had similar prestresses losses, and essentially comparable response, calculations are only
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shown for BTE2. Figure 6.4 shows the observed cracks at load stage of 120 kips (corresponding
to a moment of 1578 k-ft accounting for self-weight) and the failure of BTE2 in flexure (2860 k-
ft accounting for self-weight).

(@) (b)

Figure 6.4: Condition of BTE2 at 120 kips of Actuator Load (corresponding to 1578 k-ft
accounting for self-weight) (c) Failure of BTE1 at Ultimate Capacity (2831 k-ft).

The predicted moment-curvature response of BTE2 is shown in Figure 6.5, marked with
predicted capacities under various methods and experimental capacity. From Figure 6.5, it is
observed that the ultimate flexural capacity is 1.73 times the cracking moment and 2.24 times the
crack reopening moment. As observed in BTE1, the LRFR rating factor for BTE2 calculated at
Service 111 limit state with zero tensile stress permitted at the bottom fiber of girder is less than 1.
According to the guidelines of AASHTO and MBE, the bridge does not satisfy the limit. However,
at a permitted tensile stress of 6Vf’, the LRFR rating factor is greater than 1 and the limit would
not be exceeded. Therefore, at or near cracking stress where the moment is around 58% of its
ultimate capacity, the design life could be extended (even if only the limit is extended near the end
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of their service life). In contrast, an allowable tensile stress of 6Vf’c could lead to cracks. This could
lead to accelerated corrosion and therefore the bridge should be monitored accordingly.

3000 + BTE2 Response

2000
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Cracking

- Moment Exp
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Figure 6.5: Predicted moment-curvature response of BTE2 given by Response-2000.
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CHAPTER 7 - CONCLUSIONS AND RECOMMENDATIONS

This chapter summarizes key observations, conclusions and recommendations from the research

program that assessed prestress losses in four girders recovered from the Herbert C. Bonner Bridge

after 56 years of service. The girders were tested in flexure to determine their prestress losses and

capacities after 56 years of service. The prestress loss results were compared to predictions from
Response-2000, the AASHTO LRFD Refined Method, and the AASHTO Lump Sum Method. The

experimental strength measurements and associated stress estimates along with calculated

predictions of the behavior were used to inform a load rating calculation for the girders. Shear tests

of several girders near their ends were also conducted. Below is a summary of the general

conclusions, subdivided into segments for convenience:

7.1

1.

4.

Material Properties and General Outcomes

Although all girders had the same design concrete strength of 5000 psi, concrete strengths
varied largely at the end of service life, as judged by cores that indicated a range of concrete
compressive strengths from 6150 psi for BTE1 to 9080 psi for BTE2.

. The steel strands all had a similar ultimate strength of 271 ksi and a modulus of elasticity of

28000 ksi, as determined from tension tests conducted on strand samples removed from
undamaged areas of the girders after testing.

3. Camber measurements were taken after delivering the salvaged girders to the laboratory.

BTE1 had a maximum camber of 1-7/8 in. at the midspan.

Experimental results showed that girders BTE2, BTE3, and BTE4 had similar levels of
prestress loss, while BTE1 had a significantly higher loss of prestress which can be
attributed to a fully corroded strand near midspan. The experimentally measured prestress
losses are 44 ksi, 33.6 ksi, 35.4 ksi, 35.5 ksi of BTE1, BTE2, BTE3 and BTEA4 respectively.
On average, the predicted elastic shortening losses is 27.8%, 36.9%, 35.5% and 34.9% of
the measured prestress loss in BTE1, BTE2, BTE3 and BTE4 respectively. The results
indicate the amount of prestress loss that occur early in the service life of a prestressed
concrete member in comparison to the total prestress loss that might occur in the entire

service life of the structure.
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10.

The moment-curvature response (relative curvature) of BTE2, BTE3 and BTE4 are very
similar. BTE1 had a similar pre-cracked stiffness but a higher prestress loss (induced by
corrosion) and a lower concrete strength that resulted in BTE1 having a reduced cracked
stiffness. The transition from pre-cracked stiffness to cracked stiffness also occurred at a
lower applied moment for BTE1.

During flexural testing, BTE1 and BTE2 failed by crushing of the top flange in compression.
BTEL and BTE2 had a flexural capacity of 2831 k-ft and 2860 k-ft, respectively, including
self-weight. BTE3 and BTE4 were not tested to failure in order to preserve their ends for
subsequent shear testing. Peak loads reached for BTE3 and BTE4 indicated flexural
capacities of at least 2699 k-ft and 2698 k-ft respectively.

Condition assessment revealed concrete spalls in the vicinity of corroded strands. Corrosion
of the strands appears to be the most common types of deterioration that occurs over the
lifespan of these types of members. BTE2, BTE3, and BTE4 had multiple spalls, repairs,
and sections of exposed strand, but this level of damage did not appear to affect the
measured losses for this series of tests. The more significant corrosion damage in BTE1 did
increase the measured prestress losses.

A detailed method for estimating prestressing losses in prestressed girder bridges has been
proposed. In a laboratory destructive test of the girders with DIC instrumentation, this
requires identifying the first instance of cracking and the crack reopening moment using
two virtual extensometers, one placed on the crack and another placed in parallel at same
depth but away from the crack. Results can be confirmed visually from DIC strain maps.
The shear capacities of the end regions of BTE3 and BTE4 were determined by testing to
failure in three point loading (three tests total, one at each end). Two shear failures were
achieved, with the maximum actuator capacity reached prior to failing the South end of
BTE3. The applied peak shear and associated moment at peak applied load were 276 kips
and 2447 k-ft, respectively. The shear capacity of BTE3 North and BTE4 South, tested
outside the widened end region, had a shear capacity of 287 kips and 274 kips, respectively.
The corresponding associated moments were 2585 k-ft and 2394 k-ft for BTE3 North and
BTE4 South respectively. The maximum crack widths observed at the peak applied loads
were 1.80 mm, 2.00 mm, and 2.50 mm for BTE3 North, BTE3 South, and BTE4 South,
respectively. All failures at the ends of the girders were brittle in nature.
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7.2 Modelling with Response-2000

1.

Response-2000 is an accurate tool for assessing the behavior of aged infrastructure like the
girders recovered from the Bonner Bridge. The predicted flexural capacity of the girders
given by Response-2000 are: 2815 k-ft for BTEL, 2860 k-ft for BTE2, 2760 k-ft for BTE3
and 2780 k-ft for BTE4 with a test-to-predicted ratio ranging from 0.97 to 1.01. The mean
and coefficient of variation of the predictions are 2804 k-ft and 1.6% respectively.

Using the stress-strain response of the concrete from measured material properties, and the
stress-strain response of the prestressing strand determined from tension testing, the failure
modes of BTE1 and BTE2 were correctly predicted by Response-2000 as top fiber
crushing, matching the modes observed in the experiments.

The layered sectional analysis software Response-2000 is able to predict the moment-
curvature response of the tested girders. The transition of stiffness from uncracked to
cracked section behavior is accurately captured.

Response-2000, with the incorporation of experimental results such as average strand
stress, cracking moment, and crack reopening moment at the bottom fiber of the girder, can
be used to predict the prestress losses in the girders. The loss estimates are: 44.3 ksi for
BTE1, 34.0 ksi for BTE2, 35.4 ksi for BTE3 and 36.0 ksi for BTEA4.

Response-2000 was used to model the girder with a deck, and these models show that the
capacity of the girder-deck composite system is governed by steel yielding.

A sensitivity analysis shows the experimental behavior is well within the predictions from
Response-2000 when the prestress losses are varied by +25%. Since the moment curvature
behavior is somewhat sensitive to the losses, this corroborates that the predicted losses are
correctly captured.

Although only one corroded strand was visible for BTEL, it is likely that several strands
near the bottom may have been affected by corrosion. Response-2000 shows that if a higher
prestress loss in the individual strands near the bottom of this section is considered
compared to the loss occurring in the strands above, then the generated moment-curvature
behavior aligns more precisely with the experimental results. The model with variable
losses better captures the behavior and better reflects the condition of the girder with only

specific bottom strands affected by corrosion.
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7.3 Evaluation of Prestress Loss under AASHTO LRFD

1. The AASHTO LRFD Refined Method uses nominal material properties and gives a
conservative estimate of prestress loss (except for BTEL) in comparison to the measured
prestress loss, with test to predicted ratios (T/P) for the tested girders ranging from 0.74-
0.78. A similar range of T/P ratios (0.75-0.80) are observed when using the AASHTO
LRFD Refined Method consistent with NCDOT assumptions, except for BTEL. However,
the AASHTO LRFD Refined Method using measured material properties give reasonable
T/P ratios between 0.92 and 1.09 for all girders. The AASHTO LRFD Lump Sum Method
specified in the current edition (9" Edition, 2020) gives conservative estimates for BTE2,
BTE3, and BTE4 with T/P ratios ranging from 0.76 and 0.80, whereas the Lump Sum
equation from older editions of AASHTO LRFD (4" Edition, 2009) have a T/P ratio rang
of 0.66-0.70 for these three girders. The results indicate the older equations are very
conservative. Since the prestress loss was much higher in BTEL1 compared to other
specimens in the BTE series, all methods gave a reasonable estimate of prestress loss in
this specimen with T/P ratios between 0.88 and 1.09.

2. The prestress loss prediction formulas used by current AASHTO LRFD Specifications do
not account for the variability in material properties such as concrete strength, unit weight,
and modulus of elasticity at the end of service life. A higher strength concrete will
experience lower long-term creep strains under the same load compared to similar
members with lower strength concretes. Generally, in design, in-situ properties should not
be used for estimating losses. Specifically, specified concrete strengths should be used
rather than measured strengths beyond the specified strength gain requirements. The
traditional assumption is that the increase in concrete strength that occurs over the life of
the structure will approximately correspond to the reduction in strength that the members
will experience as a result of slow loading events. Therefore, it is not recommended to use
measured concrete strengths in design or early in the life of the member to predict long-
term effects or strength limit state calculations. However, this study explores the use of in-
situ properties for service limit state calculations conducted for structures near the end of
their service life. The use of experimentally measured properties in the code equations

significantly improves the predicted losses for the girders studied.
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7.4 Experimental Results and Load Rating

1. Atthe zero tensile stress limit, both the LRFR and LFR ratings for girders in the BTE series
are less than 1.

2. The LRFR rating factors calculated using prestress losses from the AASHTO LRFD
Refined Method with nominal material properties, the AASHTO LRFD Refined Method
consistent with NCDOT assumptions, and Response-2000 show that all girders satisfy
Strength I (both inventory and operating) and Service 111 limit state (for an allowable stress
of 6Vf¢) criteria. The LRFR rating factors exceed 1.0 for all assumptions. The girders are
governed by the Service Il limit state, specifically BTEL as it sustained the highest
prestress loss due to corrosion.

3. If the allowable stress criteria is limited to zero tensile stress, the LRFR rating factors
calculated using prestress losses from the three methods stated in Section 7.3 fall below
1.0. The LRFR rating factors range between 0.67 and 0.71 for BTE1, 0.67 and 0.87 for
BTE2 and BTE3, and 0.67 and 0.84 for BTE4.

4. Experimental rating factors (following the LRFR rating method) that considers only
strength and stress of the girder tested, and disregarding the capacity provided by a
composite deck, still yield rating factors greater than 1. These factors are calculated under
the Strength I limit state, for inventory and operating limits, with a condition factor of 0.95
applied for girders with corrosion and 1.00 for girders without visible corrosion. This result
shows the girders still had sufficient safe load carrying capacity in terms of flexural
resistance at the time they were removed from service. At cracking loads under the Service
Il limit state, the experimental rating factors range from 1.18 to 1.49, well above 1.0.
However, under Service Il limit states, with only zero tensile stresses permitted, rating
factors fall largely below 1.0 with a 0.66 for BTE1, 0.87 for BTE2, 0.87 for BTE3, and
0.85 for BTE4, respectively.

7.5 Recommendations

1. The AASHTO LRFD Refined Estimate is a detailed approach towards measuring various
prestress loss components. Using measured material properties obtained either through

non-destructive testing techniques or extraction of cores, to estimate prestress losses near
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the end of the service life of bridge girders gives results that more closely match
experimentally determined values.

Response-2000 can be used to model aged prestressed concrete girders. As the study has
shown the experimental behavior agrees reasonably well with the predicted behavior.
Response-2000 can also be used to predict the response of girders with composite decks
using experimental results from the flexural testing of girder with no deck under a variety
of loading conditions.

In some cases prestressed concrete girders may meet the Strength | (both inventory and
operating) criteria under LRFR rating. However, the girders do not meet the Service IlI
limit state if only zero tensile stress is allowed. The stresses and strengths from the
AASHTO LRFD Refined Method with nominal material properties, the AASHTO LRFD
Refined Method with measured material properties and Response-2000 with measured
material properties are used to inform this recommendation. The study showed the ultimate
capacity of the tested girders was 2.24-2.43 times the capacity at the state of zero tensile
stress and 1.73-1.83 times the capacity at the state of cracking (6Vf'c tensile stress). The
results indicate that 55-58% of the flexural capacity is utilized at cracking. The benefits of
allowing stress between 3\f'c and 6V c under service limit states, even if only at the end
of the life of structure, are that the Department can avoid load posting these aged bridges
and can extend the service life just enough to allocate resources accordingly. It is also
important to monitor the service stresses in bridge regularly after such an allowance. An
allowable tensile stress of 6Vf’c could lead to cracks. This could lead to accelerated

corrosion and therefore the bridge should be monitored accordingly.
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APPENDIX A - ADDITIONAL LITERATURE REVIEW

Appendix A includes additional information beyond what is described in Chapter 2. It contains a
detailed literature review of different prestress loss calculation methods and a summary of other

research on prestress losses in concrete structures.

A.1 PCI Bridge Design Manual Loss Calculation Method

The current Precast/Prestressed Concrete Institute Bridge Design Manual (2014) outlines a
prestress loss calculation method similar to the Refined Method from the AASHTO Specifications.
However, PCI-BDM (2003) explains another time-dependent analysis to calculate prestress losses
and is included in the current version of the manual. It is a Time-Step method that uses creep,
shrinkage, and relaxation models to determine strains which can then be used to calculate the
existing effective prestressing force. The method is based upon a cross-sectional analysis which
requires section properties of the girder and deck. It uses equilibrium equations and strains in each
element to find forces acting on the element. The method can be used to determine the prestress
losses at any specific time in the life of the structure. The PCI-BDM (2003) has guidelines for
dividing the time frames according to certain processes that lead to stress change. These processes
include strand relaxation before transfer, transfer of prestress, time-dependent effects after transfer,
placement of cast-in-place deck, time-dependent effects after deck-placement. The calculation
procedure for the PCI-BDM (2003) method is summarized below.

First the age adjusted modulus of the concrete is computed, E «, for each element ‘k’ in
the composite section. To account for the increased strain in concrete due to creep effects, the
modulus of the concrete is reduced to increase strain at any applied load. The age adjusted modulus
is given by Eq. 5:

Cp ey - o
E C(t’ tO) - 1+x(t,to)C(t,tg) (5)

Where:
Ec(t) = 33,000K; (W)™ (f'o)e (6)

w, = density of concrete, kip/ft3
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K, = aggregate correction factor
()¢ = f/compressive strength at t days = ﬁ (fS)2s @)
(f.)28 = compressive strength at 28 days
A and B = constants (See Table 2.5.2.1 of PCI Bridge Design Manual, 2014)
x(t, ty) = aging coef ficient
C(t, ty) = creep coef ficient

The second step is to calculate the modular ratio, nk, for each of the elements in the section using
Eq. 8 below.

n, =2k (8)
Where:

E*. = ef fective modulus of the section

The third step is to calculate the transformed section properties using Eq. 9, 10, and 11.

A= Z‘Aknk (9)
1
Y =22V (10)
I =2+ (= yi)? A (11)

The fourth step is to compute the initial strain, €4, and curvature, ¢, for each element in the
composite section for a given time interval. The initial strains are shrinkage, creep, relaxation
strains calculated at the end of the prior time interval and curvatures resulting from the stresses
previously applied. As mentioned previously, this is a time step method. Therefore, strains are
determined in each interval and stresses are updated accordingly to determine prestress loss at a
specific age of structure. The fifth step is to calculate the restraint forces due to prestressing from

the summation of restraint forces in each element ‘K’ as seen in Eq. 12, 13, 14, and 15.
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Nop = —E"eoiAg (12)

NO = ZNOR (13)
Moy = —E” ekl ok (14)
My = X[Moy — Nox (yx — ¥)] (15)

Step six is to subtract the restraint forces from the applied forces to calculate total strain and

curvature for the section. See Eq. 16 and Eq. 17 for strain and curvature calculations.

e = 1N (16)
0 =5 (17)

Step seven is to calculate the strains and curvatures in each element using Eg. 18 and Eq. 19.
& =¢— [k —y)] (18)
P =¢ (19)

Finally, step eight is to calculate the effective element forces and strains using the effective
modulus for each element. See Eq. 20, 21, 22, and 23 for elemental forces and strains.

Ny = E” cxAxex + Nog (20)
k= (21)
My = E” kI + Moy (22)
o= (23)

These eight steps are repeated for each time frame to be analyzed over the time-history of the cross
section. An example of a time frame for analysis would be the time between prestress transfer and
the pouring of the composite deck for a composite prestressed member. Increasing the number of

time frames analyzed will refine the estimate of prestress loss, but discrete time intervals taken
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between critical times in a member’s life can provide an adequately refined assessment of the long-

term loss.

A.2 AASHTO LRFD Bridge Design Specifications Prestress Loss Calculation Method

Member shortening due to creep and shrinkage result in a loss of tension in the prestressing strands.
According to AASHTO, prestress loss includes instantaneous (elastic) losses at transfer of
prestress and inelastic long-term time-dependent losses. However, if the inclusion of elastic gain
due to the application of deck weight and other superimposed dead loads such as railing and barrier
is considered, there can be prestress ‘gains’. That is, increases in strand stress under certain
conditions. These loads cause additional tensile stress in the bottom fiber of the member and hence
also in the prestressed reinforcement resulting in elastic gains. Moreover, other time dependent
phenomena such deck shrinkage are permanent, and these can offset the prestress loss. The effects
of live load are transient and exist whenever the load is present. Some authorities account for these
prestress gains in determining the total prestress loss, others conservatively ignore them. For
comparison with allowable stresses specified in AASHTO LRFD, the resultant stress in the
structure can be different depending on whether prestress gains are fully considered in the
calculation of prestress loss, partially included or completely excluded. Prestress loss calculation
detailed in AASHTO LRFD Bridge Design Specifications is discussed in more detail below.

A.2.1. Elastic Loss (or Gain)

Elastic deformations of the cross section occur at all stages of loading, but AASHTO LRFD
recommends to conservatively account for elastic deformation during prestress transfer when the
stress in strand is the highest. When the strands are released from the bed and prestressing force is
applied, the concrete member shortens, and, in most girder structures, cambers upward between
its two ends. The process occurs almost instantaneously and is not time-dependent. There is a
reduction in the stress in the strands after transfer. AASHTO refers to this as the elastic loss. Self
weight, if accounted for, may add additional tension to strands at the same time adding to a gain
in the stress in the strands. The overall effect of these elastic deformations can be either loss at
transfer or a gain depending on the type of member and loading details. According to AASHTO

LRFD, the elastic shortening loss for pretensioned concrete members is given by Eq. 24.
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E
AprS = E_Z,fcgp (24)

Mgem

1 em?
= foilps |— + 2| - 25
fcgp fpl s Ay ( )

Ig Ig
Where:

fegp = concrete stress at the center of gravity of prestressing tendons due to the
prestressing force immediately after transfer and the selfweight of the member at
the section of maximum moment (Ksi)
A,s = area of prestressing steel (in?)
fpi = Stress in prestressing steel immediately prior to transfer (ksi)

I

y = moment of inertia of the gross concrete section about the centroidal axis,

neglecting reinforcement (in*)
en = average prestressing steel eccentricity at midspan (in)
Ay = gross area of section (in?)

M

, = midspan moment due to member self — weight (kip — in)

E.; = modulus of elasticity of concrete at transfer (ksi)

E

» = modulus of elasticity of prestressing steel (ksi)

Eq. 24 is an iterative equation. An elastic loss of 10% is initially assumed to calculate fcgp using
EqQ. 25, which is then used to calculate a refined Afpes. If the initial assumption does not match the
calculated elastic loss, the latter is used as a new guess and the process is repeated until the assumed
Afpes, and refined Afpes converge. The commentary recommendation of 90% of the jacking stress
is a recommended initial assumption but is otherwise unrelated to final elastic loss value. Elastic

losses are only calculated separately when gross (or net) cross-section properties are used.
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However, when transformed section properties are used to calculate concrete stress, elastic
deformations are implicitly accounted for in long-term prestress loss calculations as the
prestressing strand and the concrete are treated together as a composite section in which both the
concrete and the prestressing strand are equally strained in compression by a prestressing force
conceived as a fictitious external load applied at the level of the strands. Therefore, Afyes should
not be included in calculating fcgp. The elastic losses are essentially the same whether gross or
transformed section properties are used. To avoid iteration, AASHTO LRFD also suggests an
alternative equation to calculate loss due to elastic shortening in pretensioned members as follows:

Apsfpbe(Ig+etAg)—emMgAg
Afpes = (g +eid )+AglgEa- (26)
psUlgtemig)T = —

Where:
fobt = Stress in prestressing steel immediately prior to transfer (ksi)
A.2.2. Time Dependent Losses

A2.21. Approximate Lump Sum Estimate of Prestress Losses

Lump Sum estimates can be used to determine long-term prestress losses over time. As specified
in AASHTO LRFD Bridge Design Specifications (Second Edition) in section 5.9.5.3, the Lump

Sum estimate of prestress losses is as follows:

Ay =331 - @] + 6PPR — 8 (ksi) 27)

PPR is the partial prestress ratio given by

Apsf
pPR = —fwsloy 28
Apsfpy—Asfy (28)

Where:
Afpir = losses due to long — term shrinkage and creep of concrete, and
relaxation of the steel (ksi)

fpy = yield strength of prestressing steel (ksi)
fy = specified yield strength of reinforcing bars (ksi)
A; = area of nonprestress tension reinforcement (in?)
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f. = specified compressive strength of concrete at 28 days,unless age

is specified (ksi)

Eq. 27 gives an approximate estimate of time dependent losses and was derived by
assuming ranges for the creep coefficient (1.6 to 2.4), ultimate shrinkage strain of concrete (0.0004
and 0.0006) and relative humidity (40% to 100%). Computerized Time-Step analysis of various
members from previous studies was used to establish these range of values. As mentioned
previously, Lump Sum estimates represent average conditions and are useful in preliminary
design. With changes in concrete strength, environmental conditions, and other factors, the
equation for Lump Sum estimates has been updated with time. The fourth edition of the AASHTO
Standard (2007) has stated two separate equations in Section 5.9.5.3 for estimating long-term
prestress loss due to creep and shrinkage of concrete and relaxation of steel for the following two
cases:

1 For standard precast, pretensioned members subject to normal loading and environmental

conditions
Myur = 10722y + 83Yuse + Ao (MPa) (29)
In which
Yn=17—0.01H (30)
Vst =7p (31)
Where:

fpi = prestressing steel stress immediately prior to transfer (MPa)

H = the average annual ambient relative humidity (%)

yn = correction factor for relative humidity of the ambient air
Yst = correction factor for specified concrete strength

at time of prestress transfer to the concrete member
Afpr = anestimate of relaxation loss taken as 70 MPa for stress
relieved strand (MPa)
fi; = design concrete compressive strength at time of prestressing for

pretensioned members and at time of initial loading for nonprestressed members (MPa)
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2  For members other than those made with composite slabs, stressed after attaining a

compression strength of 24 MPa

Myir = 230[1 = 2] 4 41ppR (MPa) (32)

The current AASHTO LRFD Bridge Design Specification (9" Edition, 2020) only includes
Eq. 33 for the approximate estimate of time-dependent losses. The equation is derived by
simplifying the terms in the Refined Estimate for numerous standard precast concrete girder
properties. The commentary recommends using the Refined Estimate for girders other than those

made with composite slabs.

fpiAps

Afprr = 10.075=nyse + 12.07nYse + Afpr (ksi) (33)
In which
yn =17-0.01H (34)
5
Yse =T (35)
Where:

Afyr = an estimate of relaxation loss taken as 2.4 ksi for low relaxation strand

and in accordance with manufacturers recommendation for oher types of strand (ksi)
The Lump Sum estimate of time-dependent losses is still used in practice because,
according to a survey of DOTs (discussed in Section 2.2*), refined estimates often result in
significantly lower values for prestress losses, whereas Lump Sum estimates from any edition of
the AASHTO LRFD gives values that are comparable to or slightly higher than actual prestress

losses.

A2.2.2. Refined Estimates of Time-Dependent Losses

The AASHTO LRFD Bridge Design Specifications (2020) outlines a Refined Method of long-
term prestress loss in section 5.9.3.4, Refined Estimates of Time-Dependent Losses. The Refined
Method uses two different time frames over the life of a composite concrete girder to account for
creep and shrinkage of the girder, strand relaxation, and deck shrinkage. The first time frame is
from prestress transfer to composite deck laying, and the second time frame is from the composite

deck laying to the final time of assessment. Combined, the two time frames represent the total life
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of the structure. The total long-term loss of strand stress is determined by the sum of all losses and

gains over the two time frames as shown in Eq. 36 below.

Afprr = (Afpsr + Afpcr + Afpr1)ia + (Afpsp + Afpcp + Afprz — Afpss)ar (36)

The terms of Eq. 33 are discussed in detail below. The first three terms are losses from the
time of transfer to composite deck laying. These include strand stress losses from creep, £fpcr, and
shrinkage of the girder concrete, Afpsr, and the relaxation of the prestressing steel, Afpr1. The last
four terms of Eq. 36 occur between composite deck laying and the final time for analysis. These
include three loss terms and one stress gain term. The loss terms include the loss of strand stress
from the creep and shrinkage of the girder concrete, Afy,co and Afpsp respectively, and the relaxation
of the prestressing steel, Afpr2. The stress gain term is due to the shrinkage of the composite deck
concrete, Afpss. EQ. 36 starts with the strand stress loss from girder shrinkage between transfer and

deck laying, and Afpsr is given by Eq. 37.
Afpsr = €piaEpKia (37)
Where:
&pia = Shrinkage strain of girder from transfer to deck laying, see equation 35.
Esh = €pig = ksknskrkegq * 0.48 x 1073 (38)
ks = volume to surface area ratio factor = 1.45 — O.13(V/S) > 1.00 (39)
V = V, = volume of girder (in®)

§ =S, =surface area of girder exposed to drying (in?)

ks = concrete strength factor = e (40)
f'ci = concrete strength at initial loading, taken as 0.8f'. (ksi)
k:q = time development factor = ‘ (41)

100—4f' ;
12( f”)+t

£ ci+20
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When k;g = kiqq, t = time from transfer t; to age of deck placement t,
When kiq = keqp, t = time fromtransfert; to final age of concrete ts
kys = humidity factor for shrinkage = 2.00 — 0.014H (42)

H = average annual ambient humidity, see Figure 1.4

E, = prestressing steel modulus of elasticity (ksi)

1

K;; = transformed section coef ficient = Enine - gl (43)
1+m<1+T>[1+0.7wb(tf,ti)]
epg = eccentricity of prestressing force to girder centroid (in.)
‘I’b(tf, ti) = creep coef ficient from transfer,t; (days), to final time, t;(days)
Wy (tr,t;) = 1.9kgkpckskeqy * 7118 (44)
ky. = humidity factor for creep = 1.56 — 0.008H (45)
E.; = modulus of elasticity of concrete at transfer
= 120,000K,w2°f'%33 (ksi) (46)

w, = 0.145 kcf for normal weight concrete or 0.140 + 0.001f,

K, = aggregate correction factor
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Figure A.1: Average annual relative ambient humidity for North America, in percent,
(reproduced from AASHTO LRFD Bridge Design Specifications, 2020).

The loss of strand stress due to girder creep between transfer and deck laying is given by Eq. 47.
E. .
Afpcr = E_fifcgplpb (ta, ti)Kig (ksi) (47)

Where:

Y, (ty, t;) = creep coef ficient from transfer,t; (days), to deck placement, t;(days) =
= 1'9kskhckfktdd * ti—0.118 (48)

The remaining loss between transfer and deck placement is the loss of strand stress from strand

relaxation given by Eq. 49.
_ fpt fpt .
Afpr1 (— - 0.55) (ksi) (49)

Ky fpy

Where:

98



fpt = Stress in prestressing steel immediately after transfer,
taken not less than 0.55f,,, (ksi)

K; = prestressing steel type factor, 30 for low relaxation strand and otherwise 7

The second time frame includes the losses between deck laying and the final time. Each of
these components is outlined below. Eq. 50 gives the strand stress reduction from girder shrinkage
between the time of deck laying and the final time. Note that Eq. 50 uses Kgf, the transformed
section coefficient of the composite section, to calculate the loss due to shrinkage because the

structure has a composite concrete deck in the second time frame.
Afpsp = parEpKar (Ksi) (50)
Where:
&pas = Shrinkage strain of girder from deck laying to final time = €,;; — €piq
&pif = shrinkage strain of girder from time of transfer to final time
= ksknskskeqr * 0.48 % 1073 (51)
Kqf = transformed section coef ficient that accounts for timedependent interaction

between concrete and bonded steel in the section being considered for time period

between deck placement and final time

= - (52)

EpA Ace?
pAps cepc _
T+E <1+ T )[1+0.7'Pb(tf,tl)]

A, = area of section calculated using the gross composite concrete section
properties of thegirder and the deck and the deck — to — girder modular ratio (in?)

epc = eccentricity of prestressing force with respect to centroid of composite
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section (in.), positivein typical construction where prestressing force
is below centroid of section =y, — ey, (53)

The strand stress reduction due to girder creep between deck laying and the final time is given by
Eq. 54.

Afpep = EE_Zﬁ:gp [¥p (ta, t) — Pp(ta, ti)]Kgp + %Afcdq,b (tr,ta)Kap (ksi) (54)
Where:
Af.q = change in concrete stress at centroid of prestressing strands due to long term
losses between transfer and deck placement, combined with deck weight and

superimposed loads

Aps Age? Mgg+Mp(+xMg) | (Mp+Mys)epc ,
= _(AfpSR + AprR + Aprl)i(l + glgpg) _ ( sd If; d + b - 14 (kSl) (55)

In which:
M, = moment due to deck self — weight (k — ft)
M, = moment due to haunch (k — ft)
M, = moment due to barrier and rails (k — ft)
M,,s = moment due to future wearing course (k — ft)
* My; = moment due to diaphragm (k — ft) (considered by NCDOT but may not
be used regularly
v (tf, tq) = creep coefficient from deck placement,t, (days), to final time, tr(days)

= 1'9kskhckfktddftd—0.118 (56)
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kiaar = time development factor determined for the time period between deck

placement and final time,

The strand relaxation from the time of deck laying to the final time is given by Eq. 57. The
AASHTO LRFD Bridge Design Specifications assumes that the relaxation after the deck laying is

equivalent to the relaxation between transfer and deck laying.
Afprz = Afpr1 (57)

Eq. 58 concludes the terms in the long-term loss summation shown in Eq. 36. Eq. 58 is
the prestress gain due to shrinkage of the composite concrete deck, 4f,ss. A key term in Eq. 58
IS Afeqr, the change in the concrete stress at the centroid of the prestressing strand due to the
shrinkage of the concrete deck, and this value is given by Eq. 59.

E
Afpss = E—’ZA fearKas[1+ 0.7%, (¢, ta)] (58)
Where:
_ _fddfAdEcdeck (1  epced
Afcas = [1+0.7%4(tf,ta)] (AC I ) (59)

Eadf = shrinkage strain of deck concrete = kskhskfktddf x0.48 « 1073

|4
In which kguses the volume to surface ratio (E) of deck and time development

factor kiqqruses t as the time from deck placement to final time
¥, (tf, td) = deck creep coef ficient
eq = eccentricity of deck to gross composite section = y; — y. (in) (60)

E. jeck = modulus of elasticity of deck concrete (ksi)

101



A, = area of deck concrete (in?)

The long-term loss and gain components discussed above combined with the elastic
shortening of the girder resulting from prestress transfer are used to determine the strand stress at
the final time of analysis. Eq. 61 computes the total loss of strand stress from the stress immediately

before transfer.

Apr = AprS + AprT (61)

In practice, this prestress loss is again offset by an elastic gain due to deck weight,
superimposed dead load and live loads (Service I1l). The elastic gain due to deck weight and
superimposed dead load after deck placement is permanent. However, a survey of peer
departments of transportation indicates it depends on each state’s policy whether to account for
these elastic gains, as this would reduce the prestress loss and result in a higher effective prestress

in the strands.

A.3 Prestress Loss - AASHTO Standard Specifications for Highway Bridges

Refined and lump estimates of prestress loss, similar to AASHTO LRFD Bridge Design
Specifications, are also specified in AASHTO Standard Specifications for Highway Bridges
(2002). The provisions for prestress loss were first recognized in the 1971 Interim Specifications
which stated the following equation for prestress loss:
Af, = ES + SH + CR. + CR; (62)
Where:
Af; = total loss of prestress
ES = loss due to elastic shortening
SH = loss due to concrete shrinkage
CR; = loss due to creep of concrete
CRs = loss due to relaxation of prestressing steel
The prestress loss calculation method outlined in the current AASHTO Standard
Specification for Highway Bridges (17" Edition, 2002) is briefly stated below. Losses due to
elastic shortening after release of prestressing force in pretensioned members is determined by Eq.
63 which is the same as stated in AASHTO LRFD Specifications.
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ES = > feir (63)

Where:

E; = modulus of elasticity of prestressing steel strand, which can be assumed to

be 28 x 10° psi

3
E.; = modulus of elasticity of concrete in psi at transfer of stress = 33w2 /fc’i

In which w is the concrete unit weight in pcf and f,; is in psi
f.ir = concrete stress at the center of gravity of the prestressing steel due to prestressing
force and dead load of beam immediately after transfer; reduced tendon stress can

be taken as 0.63f, for stress relieved strand

Unlike AASHTO LRFD in which the refined estimate is used to calculate shrinkage, creep
and relaxation losses in two time frames, AASHTO Standard specifications determines the
individual loss components over the entire service life. Losses due to creep, shrinkage and

relaxation of prestressing strands in pretensioned members are determined by Eq. 64, 65 & 66.

Creep of Concrete:

CRc = 12fcir — 7fcas (64)
Where:

feds
= concrete stress at the center of gravity of the prestressing steel due to all dead loads
except the dead load present at the time the prestressing force is applied.

Shrinkage:

SH = 17000 — 150 RH (65)
Relaxation of Prestressing Steel:

For stress relieved 250 to 270 ksi strand,

CRs = 20,000 — 0.4 ES — 0.2(SH + CR,) (66)

AASHTO Standard Specifications also state a Lump Sum estimate of 45 ksi for
pretensioned members or structures that consist of regular properties such as normal weight
concrete, normal prestress levels, and average exposure conditions. Although reasonable, these are

not used in practice currently.
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A.4 Review of Research on Prestress Loss

This research project also involves thoroughly investigating the best practices and prior research
conducted on understanding prestress losses in bridge structures. The literature was reviewed to
examine studies related to the effects of creep, shrinkage, and relaxation on prestress loss and their
findings as well as experimental methods for measuring prestress loss in prestressed concrete
bridge structures. This review provides background for the experimental program developed and

outlined in Chapter 3 and Appendix B of this report.
A.4.1. Creep, Shrinkage, and Relaxation

Significant research has been performed on creep, shrinkage, and relaxation for both normal and
high strength concretes. An overview of research used to develop the models for creep, shrinkage,
and relaxation as seen in Section A.2.2.2 is presented below. NCHRP Report 496 (2003) outlines
the work of Tadros et al. (2003) on modelling and estimating these long-term effects, and is a
major contribution to modifying the prestress loss equations in the 4" Edition of AASHTO LRFD
Bridge Design Specifications (2007). Findings of Tadros et al. (2003), along with other studies,
are discussed below. Research performed by Magura et al. (1964) investigated the relaxation
properties of prestressing reinforcement from 501 different tests to develop an expression for
estimating the amount of stress relaxation over time. Magura et al. (1964) suggested that the major
variables effecting the amount of relaxation to be initial stress ratio, the type of steel, pre- versus
post-tensioning, and temperature. In general, the researchers found that higher initial stress results
in higher levels of relaxation, and this major component is the primary variable in the equation
developed by Magura et al. for predicting relaxation as a function of time (1964). The other
parameters were found to be secondary and were not explicitly accounted for in the equation
presented by Magura et al. (1964). The equation from Magura et al. (1964) for relaxation is the
basis for the equation presented by Tadros et al. in NCHRP Report 496 (Tadros et al., 2003), and
a simplified version of the equation presented by Tadros et al. is found in the AASHTO LRFD
Bridge Design Specifications as Eq. 46 above (AASHTO, 2020). While temperature alone was not
considered to be a major factor in relaxation of steel by Magura et al. (1964), Tadros et al. note
that during the casting of pretensioned concrete structures, the amount of prestressing is impacted

by the temporary increase in temperatures from curing (Tadros et al., 2003). The resulting thermal
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expansion reduces strand stresses, and this loss is fixed after the bond between concrete and strand

forms.

The factors effecting the shrinkage of concrete have been examined by numerous
researchers (Tadros et al., 2003). The shrinkage of concrete is a factor of relative humidity, water-
to-cement ratio, ambient temperature, aggregate properties, and volume-to-surface area ratio of a
concrete member (Tadros et al., 2003). Tadros et al. (2003) measured shrinkage strain in 12 high
strength concrete mixes and found significant differences between the measured and predicted
shrinkage. Figure A.2 is an example of measured shrinkage as compared to predicted shrinkage,
as reported by Tadros et al. (2003).

Shrinkage Strains
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Figure A.2: Shrinkage for Washington mix WA10G-S (reproduced from Tadros et al., 2003).

Based on their shrinkage measurements, the researchers concluded that existing predictions
of shrinkage strain needed refinement. Tadros et al. (2003) suggested an equation for shrinkage
strain based on an ultimate shrinkage strain of 480 microstrain multiplied by correction factors for
concrete strength, relative humidity, volume-to-surface area ratio, and the time development of
concrete. The proposed equation by Tadros et al. has a significantly lower ultimate shrinkage strain
when compared to the 1992 ACI Committee 209 value of 780 microstrain (ACI, 1992), and

produces results that are in close agreement with the measured data (Tadros et al., 2003). The
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shrinkage equation developed by Tadros et al. (2003) from their experimental work is the basis for
the AASHTO LRFD Bridge Design Specifications shrinkage strain calculation presented in Eq.
38 above (AASHTO, 2020).

In addition to relaxation and shrinkage, long-term loss in prestressed concrete structures is
caused by concrete creep. Like shrinkage, the variables that influence the creep of concrete have
been identified by numerous researchers (Tadros et al., 2003). Literature shows a commonly used
creep model was initially developed by Collins and Mitchell (1997). Tadros et al. (2003) then
introduced updated creep models based on results of several experiments which were later
incorporated in the AASHTO LRFD Bridge Design Specifications (2007). The variables
influencing concrete creep include the type and volume of aggregate, the volume of cement paste,
the duration of concrete stress, and the member geometry (Tadros et al., 2003). Tadros et al. (2003)
conducted creep strain measurements alongside the shrinkage strain studies performed on 12
different concrete mixes discussed above. Figure A.3 shows an example of measured creep strains

as compared to predicted creep strains.

From these data, Tadros et al. (2003) proposed a new formula for predicting creep in
concrete by suggesting a new model for the creep coefficient. Like the shrinkage strain formula,
the creep coefficient formula proposed by Tadros et al. (2003) is the basis for the creep coefficient
formula found in AASHTO LRFD Bridge Design Specifications shown in Eqg. 44 above
(AASHTO, 2020).
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Figure A.3: Creep for Washington mix WA10G-01 load at 1 day (reproduced from Tadros et al.,
2003).

Many studies on the creep, shrinkage, and relaxation effects that contribute to prestress
loss, like those performed by Tadros et al. (2003) discussed above, have been performed (Bazant
and Wittmann, 1982; Ghali and Trevino, 1985; Magura et al., 1962; Youakim et al., 2007; Rizkalla
etal., 2011). However, in a concrete member, the loss components interact with one another as the
structure ages. The interaction of the loss components in actual structures is not considered in
specific creep, shrinkage, and relaxation studies. The accuracy of the predicted prestress loss in a
structure is dependent on the accuracy of the models for the loss components, how those loss
models interact with each other, and how the structure’s material properties change over time.
Rizkalla et al. (2011) studied the prediction of camber in prestressed concrete structures, and to
accurately predict camber, an accurate prediction of prestress loss was required. Rizkalla et al.
(2011) suggest that to improve the prediction of prestress loss, the ultimate strength of the concrete
should be increased from the specified strength to account for the long-term increase in concrete
strength beyond 28 days. Both shrinkage and creep effects are dependent on the concrete strength,
S0 as concrete strength increases over time, creep and shrinkage strains will accumulate more
slowly. The interaction of these two loss components complicates the long-term behavior, which

is further complicated by their dependence on a constantly changing concrete strength over the life
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of a structure. The suggestion by Rizkalla et al. (2011) to increase concrete strength illustrates the

sensitivity of prestress loss assessment in real structures.
A.4.2. Experimental Investigations into Prestress Loss in Structures

To assess the accuracy of prestress loss predictions, an experimental method for determining
existing prestessing stress is required. A review of previous experiments in the literature related to

the assessment of prestress loss in concrete bridge structures is discussed below.

Azizinamini et al. (1996) conducted destructive testing of a 54 ft. long, 25-year-old
Nebraska Type 111 prestressed concrete girder to verify a nondestructive prestress loss estimation
technique they proposed. The Nebraska Type Il girder shares the same cross-sectional dimensions
as the AASHTO Type IlI girders recovered from the Bonner Bridge, and, like the Bonner Bridge
girders, contained 7/16” diameter, Grade 250, stress-relieved strand pretensioned to 175 ksi or
70% of the ultimate stress. For this test, Azizinamini et al. (1996) subjected the 25-year-old girder
to four-point bending to induce flexural cracking in the bottom flange of the girder. After flexural
cracks were produced, the girder was unloaded so that strain transducers and foil gauges could be
placed across a flexural crack. The girder was reloaded, and the strain transducers were used to
determine the reopening of flexural cracks by the change in the stiffness with increasing load. The
test setup and load-strain results from one of the two strain transducers is shown in Figure A.4.

A
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Figure A.4: Load testing and load-strain response of Nebraska Type Il1 Girders (reproduced

from Azizinamini et al., 1996).
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After determining the crack reopening applied load from the strain transducers,
Azizinamini et al. (1996) calculated the reopening moment for use in Eq. 67 below where M is the
moment at crack reopening, P,y is the effective remaining prestressing force, Mq is the dead load
moment, e is the eccentricity of the prestressing strand from the neutral axis, A is the cross-
sectional area, and Sy is the bottom fiber section modulus of the girder.

At crack reopening, the stress across the crack at the extreme tension fiber is zero, so the
bottom fiber tensile stress from applied and dead load moments equals the uniform compressive
stress over the area combined with the compressive stress from the eccentricity of the prestressing.
From this equation, they found that the average strand stress was 138.8 ksi, or a 20.7% decrease
from the original tensioning stress. Azizinamini et al. (1996) found the 1989 AASHTO Standard
Specification estimated the losses to be 25.7%, so the AASHTO estimate was conservative when

compared to the experimentally determined value.

Halsey and Miller (1996) tested two 29 ft. long, 40-year-old inverted T-beams in three-
point bending to determine prestress loss. Clip gauges placed through the depth of the specimen
and on the top and bottom flanges were used to record strain during the flexural test. The prestress
loss was determined using two different values, the observed cracking moment and the crack
reopening moment. The state of stress in a prestressed concrete beam under simply supported state

without load, at the point of cracking and at crack reopening is shown in Figure A.5.
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Figure A.5: Stress in girder at midspan due to initial prestress, self-weight and external loads (a)
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After the beams were first cracked, they were unloaded and additional strain gauges were
placed across the cracks to determine the crack reopening moment. Figure A.6 shows the clip

gauges placed on the beam and the load-crack opening data for determining the crack reopening

moment.

110



0 (mm) 0.5

2 ; R
_5'25 [ / =" 1 100
] = I
o e
]
S15 17
B 150
5 3
<5 |

0 + 0

-0.005 0 0.005 001 0.015 002 0.025

Crack Opening - inches

Figure A.6: Clip gauges on inverted T-beam elevation view and post cracking load-crack

opening data (reproduced from Halsey and Miller, 1996).

The benefit of using the crack reopening moment instead of the first cracking moment to
determine the amount of current prestressing is that the tensile capacity of the concrete does not
contribute to estimating the moment at which zero tensile stresses are in the bottom fiber.
Otherwise, the assumed tensile capacity of the concrete changes the estimate of prestress loss, and
an overestimate of concrete tensile capacity can cause the prediction of prestress loss to be
unreasonably high. In addition to flexural testing of two beams, one untested beam had the
prestress loss assessed by cutting a strand. A 12 in. section of strand was exposed, a single wire
was strain gauged, and the strand was cut with bolt cutters. The compressive strain registered by
the strain gauge was used to determine the stress in the strand. The measured stress was 99.7 ksi,
a 34% loss from the assumed tensioning stress of 150 ksi. The prestress loss results from testing
beams 1 and 2 and strand cutting of beam 3 is shown in Table A.1 along with the 1989 AASHTO

Standard Specification prediction of prestress loss.
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Table A.1: Prestress loss test results (adapted from Halsey and Miller, 1996).

Method Loss of prestressing, ksi Percentage Loss

1989 AASHTO Specifications 40.3 27%

31.5Beam 1 21% Beam 1
Observed cracking moment
40.3 Beam 2 27% Beam 2
29.3 Beam 1 20% Beam 1
Crack opening load

35.0 Beam 2 23% Beam 2

Cutting a strand 50.3 34%

The strand cutting of the untested beam showed the highest loss percentage, but the other
two methods show reasonably good agreement with losses predicted by AASHTO Standard
Specifications. Assuming a prestress loss of 20%, the sectional analysis program Response-2000
was used to predict steel strain during testing, and the results were compared to strain gauge data
from a gauge glued to a strand prior to testing. The results are shown in Figure A.7, and

RESPONSE shows good agreement with measured strand strains. This suggests that the

RESPONSE software performs well for analysis of aged prestressed concrete structures.
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Figure A.7: RESPONSE steel strain prediction compared to experimental results (reproduced
from Halsey and Miller, 1996).

Garber et al. (2015) tested a total of 30 specimens to compare measured prestress loss to
predicted losses. The girders were produced in several different configurations and stored at
multiple different locations to test the effects of configuration and local conditions on the prestress
loss. To determine the prestress loss of the girders, they were tested in four-point bending, and the
stiffness-deflection data were used to determine the cracking load. It was assumed that cracking
was indicated by a sudden reduction in girder stiffness as deflection increased. The tensile capacity
of the concrete was determined using split cylinder testing, and the effective prestressing force
could, therefore, be determined from the applied moment at cracking. The test setup and an

example of the stiffness-deflection results can be seen in Figure A.8.
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Figure A.8: Test setup and stiffness-deflection results (reproduced from Garber et al., 2015).

Since specimens were cast for testing rather than using in-service structures, vibrating wire

gauges (VWG) could be cast into the specimens at midspan to measure the changes in concrete

stress over time. The prestress loss determined from the flexural testing of the girder were

compared to the losses measured with the VWGs. Garber et al. (2015) determined that the flexural

testing provided an accurate estimate of prestress loss. The comparison of losses determined from

flexural testing and VWGs is shown in Figure A.9. The final age of specimens in Series I, Series
I1, Series Il and Series IV ranged from 939-980 days, 922-955 days, 675-703 days and 230-259

days respectively.
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Figure A.9: Comparison of loss measurements from VWGs and flexural testing (reproduced from
Garber et al., 2015).

The measured losses for the girders were compared to predicted losses using the 2012 AASHTO
LRFD Bridge Design Specifications Refined Method. The average estimate to measured loss ratio
for the AASHTO Refined Method was 1.49 which indicates that the estimate of loss is conservative
for girders examined at final age ranging from approximately 6 months to 2.5 years.

Higgs et al. (2015) tested four AASHTO Type | girders recovered from the 1-15 bridge
spanning highway 400 South in Orem, Utah. The girders were tested in three-point bending to
determine the prestress loss. Like Azizinamini et al. (1996) and Halesy and Miller (1996), the
girders were loaded until visible cracking had occurred. After cracking was induced, the girders
were unloaded, and foil strain gauges were placed across an existing crack to determine the crack
reopening. The moment-strain response of girder G3 is shown in Figure A.10. Higgs et al. (2015)
determined what they refer to as the “decompression moment”, the moment required to produce
zero stress at the extreme tension fiber, by extrapolating the two linear portions of the moment-

strain curve.
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Figure A.10: Moment-strain curve for strain gauge over flexural crack on girder G3

(reproduced from Higgs et al., 2015).

Using the decompression moment and the following equation, Higgs et al. determined the
residual total force in the stressing strand for each of the four tested girders. The difference between
Eq. 68 and Eq. 67 used by Azizinamini et al. (1996) is Higgs et al.’s (2015) use of composite
section properties for the applied moment term, M,.,., because the salvaged girders had some

residual composite deck attached. Azizinamini et al. (1996) did not have a composite section.

P PepgCy | MewCqg | MycC
o= ——+ _ Loy  MswCq , Mt
Ag I Ig I

(68)

The residual prestress of each of the four girders is presented in Table Al.2 below along with the
predicted prestress using the 2012 AASHTO LRFD approximate and Refined Methods. The
flexural testing produced consistent estimates of prestress loss that compared reasonably to the
predictions made by AASHTO.
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Table A.2: Residual girder prestress from tests (reproduced from Higgs et al., 2015).

. Magnitude

Residual Prestress Source IMPa (ksi)]
Experimental Girder G1 1,100 (159)
Experimental Girder G2 1,110 (161)
Experimental Girder G3 1,070 (155)
Experimental Girder G4 1,080 (157)
Experimental Girder Average 1,090 (158)
Calculated AASHTO approximate method 1,060 (154)
Calculated AASHTO refined method 1,100 (160)

The experiments in the literature discussed above indicate that flexural testing of prestressed
concrete bridge girders to ascertain cracking moment and crack reopening moment can provide an
accurate assessment of the residual prestressing force in the strand. Unless concrete tensile strength
is known, the literature indicates that the use of crack reopening moment is a more reliable measure
of prestress loss because it minimizes the contribution of concrete tensile strength in the flexural
behavior. The literature also finds prestress loss predictions made by AASHTO tend to be
conservative for the tested structures. However, the structures tested in the literature are not as old
as the girders recovered from the Bonner Bridge. Additionally, while previous experiments collect
strain at discrete locations through the depth during testing, displacement data collected using
Digital Image Correlation (DIC) equipment has not previously been obtained. Collection of DIC
data allow the cracking behavior of the girder and the strains in the concrete to be assessed over a
large portion of the span throughout testing. The age of the Bonner Bridge girders and the use of
DIC data make the results of laboratory testing the recovered girders a valuable dataset in the

assessment of prestress losses in aging infrastructure.
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APPENDIX B - ADDITIONAL EXPERIMENTAL PROGRAM DETAILS

Appendix B provides additional details on the experimental program such as the detailed test setup,

instrumentation, and loading protocol for the BTE series.
B.1 Material Properties

B.1.1 Prestressing Steel Properties

The prestressing steel in the girders of the Bonner Bridge was specified in the original construction
drawings to be 7/16" diameter stress-relieved strand tensioned to 18,900 Ibs. No additional
information about the strand was provided in the construction drawings, and thus tension tests
were performed on strands removed from the girder. Although the grade of steel for the strand was
not specified in the drawings, the nominal ultimate stress is likely 250 ksi, as corroborated by the
measured peak stress in the tension tests and the specified jacking force on the drawings. The ACI-
ASCE Joint Committee 323 published in their Tentative Recommendations for Prestressed
Concrete (1958) that the maximum jacking stress for stress relieved strand should be 0.7 times the
ultimate stress at nearly the same time the Bonner Bridge was designed. Using this
recommendation with an assumed ultimate stress of 250 ksi, the recommended jacking stress is
175 ksi. ASTM standard A886/A886M-17 (2017) indicates that the nominal area for a 7/16” seven-
wire strand is 0.108 sq. in., thus, the recommended jacking stress of 175 ksi would require a force
of 18,900 lIbs; the exact value specified on the construction drawings for the Bonner Bridge.
Therefore, the ultimate strength for this strand is assumed to be 250 ksi, classified by ASTM as
Grade 250 (ASTM, 2017).

The force displacement results of tension tests of four strands removed from BTE1 are
shown in Figure B.1. The grip wedges used to hold the strand for tension testing concentrate stress
at the grip and caused three of the four strands to fail at the grips prior to reaching the ultimate
strand stress. Additionally, strand number three in Figure B.1 shows slip of the strand in the grip
just prior to yielding. Strand number 1 is the only strand that ruptured between the grips, and it
sustained an ultimate force of 28,960 Ibs. Figure B.2 (left) shows strand number 1 after rupture.
According to ASTM Standard A886/A886M-17 (2017), the strength of a 7/16” Grade 250 strand
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must meet or exceed 27 Kips, and the yield strength of the strand must meet or exceed 23 kips. As

shown in Figure B.1, the strands exceeded that required yield and rupture strength.
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Figure B.1: Force-displacement of strand from BTEL.

Figure B.2: BTE1 strand number 1 rupture (left) & instrumentation on BTE2 strand (right)

To better model the stress-strain response of the BTE series strands, five strands taken from

BTE2 were tested in tension to failure and were instrumented with a non-contact displacement
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measurement system (see Section B.2.3 for a description of the instrumentation). The
instrumentation system measured the three-dimensional displacement of LED targets placed along
the strand length throughout each tension test, and allowed the full stress-strain behavior of the
strands to be characterized. Figure B.2 (right) shows the LED instrumentation on a strand, and

Figure B.3 shows the stress-strain behavior measured for the five strands harvested from BTE2.
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Figure B.3: BTE2 strand stress-strain response.

As with BTE1, only one strand (strand 2) ruptured between the grips for the BTE2 strand
tension tests. However, the behavior of the remaining of BTE2 strands suggested their ultimate
strength would be very similar to strand 2. Using strand 2 as a representative strand for BTE2, a
modified Ramberg-Osgood curve can be fit to the strand stress-strain response. Collins and
Mitchell (1997) recommend the use of a modified Ramberg-Osgood function to model the
behavior of prestressing strand, and the modified Ramberg-Osgood curve is given by Eq. 69 below
where f, is the strand stress and e, is the strain in the strand. The constants A, B, and C are
provided in Table B.1 below along with elastic modulus, E,, and ultimate stress, f,,,, for BTE2
strand 2. The constants from the original Modified Ramberg-Osgood equation developed by
Collins and Mitchell (1997) were changed to better fit the test data obtained from strand testing.
Figure B.4 shows the modified Ramberg-Osgood curve compared to the actual stress-strain

response for BTE2 strand 2.
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Table B.1: Constants for Modified Ramberg-Osgood Curve.

Modified Ramberg-Osgood
A 0.025
B 114
C 9

Ep (ksi) 28,000

fou (ksi) 271
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Figure B.4: BTE2 strand 2 modified Ramberg-Osgood curve.

The modified Ramberg-Osgood curve represents the strand behavior well. To ensure that
the curve representing BTE2 strand 2 is a good representation of the strand from both BTE1 and
BTEZ2, the force-displacement response from all strands tested from BTE1 and BTE2 were plotted
in Figure B.5 to compare behaviors. The behavior of all strands is similar, and the response of

BTEL strand 1 is very close to the response of BTE2 strand 2.
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Figure B.5: BTE1 and BTE2 strand comparison.

Because the behaviors of the strands from these two beams were very similar, the modified
Ramberg-Osgood curve fitted to BTE2 strand 2 was used for modeling strand behavior in all four
of the BTE specimens. The end regions of BTE1 and BTE2 were not heavily stressed during
flexural tests of these beams, so the strands recovered for tension testing were taken from the ends
of these two girders. The end regions of girders BTE3 and BTE4 were tested to failure in shear,

and therefore, strand samples were not taken from these regions.
B.1.2 Concrete Properties

B.1.2.1 Girder Concrete

Concrete compressive strength for the Bonner Bridge girders was specified as 5000 psi, and the
deck concrete was specified as 3000 psi. Typically, traditional concrete mixes exceed their
specified strength at 28 days and continue to increase in strength over time. As such, numerous
cores were taken from the top flange of each girder (after flexure and shear testing) to determine
the ultimate strength and elastic modulus of the concrete roughly 56 years old concrete. Figure B.6
shows the coring process for the girders. Since the cores were removed from the top of the girder,
any residual concrete deck at the top of the core had to be cut away after core extraction. The cores
were nominally 3.75 in. diameter, so the beam was cored to a depth of 12 in. to provide a suitable

length-to-diameter ratio of the finished cores after rough material at the bottom and concrete deck
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material at the top were trimmed away. After saw-cutting, the ends of each core were ground flat,
smooth, and parallel using a cylinder grinder to make flat bearing surfaces for the neoprene
compression test caps. Figure B.7 shows the deck concrete being removed from the top of the

cores.

Figure B.6: Girder top flange coring.

The elastic modulus and ultimate strength of the concrete were determined by testing cores
to failure in compression with three, 60 mm (2.36 in.) long strain gauges bonded to the outer
surface. Gauges were evenly spaced 120 degrees around the surface of each core at the mid-height,
configured to measure strain in the longitudinal axis of the cylinder. The test setup and strain

gauges can be seen in Figure B.8.
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Figure B.8: Core compression testing.

Data obtained from compression tests of each core were adjusted using the ACI 214.4-21
(2021) recommendations for interpreting the compressive strength of concrete cores. ACI214.4-
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21 (2021) utilizes Eq. 70 for correcting the measured compressive strength, feore, to account for

effects of the coring process on the strength.
fe= Fl/dFdiachFdfcore (70)

Note Fyq is the length-to-diameter ratio factor, Fqia is the core diameter factor, Frc is the
core moisture condition factor, and Fq is the coring damage correction factor. Table B.2 is adapted
from ACI 214.4-21 (2021) and Bartlett and MacGregor (1995), and shows the recommended
correction factors. For this study, the girder concrete cores are corrected using constants
corresponding to the air-dried condition, and the deck concrete cores are corrected using constants
corresponding to the as-received condition. The diameter correction factor is conservatively taken
as 1.00 for all cores, since the diameter of all cores is 3.75 in. instead of 4.00 in. The measured
dimensions of each core were recorded to calculate correction factors for length-to-diameter ratio
and core diameter. The height of each core and the diameter at the top, middle, and bottom of each
core were measured using calipers as shown in Figure B.9. The dimensions of the BTE1 cores are

shown in Table B.3 along with the measured compressive strengths.

Table B.2: Core strength correction factors (adapted from ACI214.4-21, 2021 and Bartlett and
MacGregor, 1995).

Factor Mean value Coefficient of variation V,
percent
As- received? 1-{0.130-afc0re}(2-é)2 2.5(2-3)2
Fue: 1/d ratio Soaked 48 hours | 1-{0.117-afcore}(2-)? 25(2-2)
Air dried? l-{0.144-afcore}(2-é)2 2.5(2-3)2
2 in. (50mm) 1.06 11.8
Fdia: core diameter 4 in. (100mm) 1.00 0.0
6 in. (150mm) 0.98 1.8
As- received? 1.00 25
Fmc: core moisture content | Soaked 48 hours 1.09 25
Air dried? 0.96 25
Fq: damage due to drilling 1.06 25
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*To obtain equivalent in-place concrete strength, multiply measured core strength by appropriate factor(s)
inaccordance with Eq. (9.1)

+Constant o equals 3(10°6) 1/psi for feore in psi, or 4.3(10) 1/MPa for feore in MPa

iStandard treatement specified in ASTM C42/C42M

Figure B.9: Core measurements taken with calipers.

The mean measured compressive strength of concrete from BTE1 was 6050 psi. The values
for correction factors given by ACI 214.4-21 (2021) and the corrected compressive strength of the
girder concrete are also listed in Table B.3. After applying the correction factors suggested in ACI
214.4-21 (2021) the compressive strength of BTE1 was 6150 psi.
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Table B.3: Dimensions with measured and corrected compressive strength of BTE1 concrete.

core | G | oy | o |y | G| LD | T | e | Fa | P | Fa | T
1 7.25 3.73 |1 3.75 | 3.75 3.74 1.94 6261 1.00 | 1.00 | 0.96 | 1.06 6261 6368
2 7.94 3.71|3.71 | 3.73 3.72 2.14 5884 1.00 | 1.00 | 0.96 | 1.06 5884 5973
3 7.88 3.73 |1 3.75 | 3.73 3.74 2.11 5931 1.00 | 1.00 | 0.96 | 1.06 5931 6026
4 6.63 3.70 | 3.70 | 3.73 3.71 1.79 6177 0.99 | 1.00 | 0.96 | 1.06 6177 6250
5 8.06 3.75 | 3.73 | 3.74 3.74 2.16 6371 1.00 | 1.00 | 0.96 | 1.06 6371 6464
6 7.50 375|373 | 3.75 3.74 2.00 5664 1.00 | 1.00 | 0.96 | 1.06 5664 5764
7 8.00 3.75|3.74 | 3.73 3.74 2.14 5788 1.00 | 1.00 | 0.96 | 1.06 5788 5875
8 7.88 3.74 | 3.75 | 3.75 3.75 2.10 6109 1.00 | 1.00 | 0.96 | 1.06 6109 6209
9 7.94 3.75 | 3.74 | 3.75 3.75 2.12 6440 1.00 | 1.00 | 0.96 | 1.06 6440 6542
10 7.70 3.75 | 3.75 | 3.75 3.75 2.05 5887 1.00 | 1.00 | 0.96 | 1.06 5887 5988

Mean 6051 Mean 6146

C'(%)V | 429 C'(%;/ | 424

S.D. 259 S.D. 260

*S.D. is the Standard Deviation.
+C.0.V. is the Coefficient of Variation.

In addition to the ultimate concrete compressive strength, the modulus of elasticity of the
concrete was of interest to develop an accurate model of the concrete behavior for use in predicting
the girder capacity and prestress loss. Collins and Mitchell (1997) recommend the use of the
modified Popovics constitutive relationship for the compressive behavior of concrete where fc is
the compressive stress at any strain . The Popovics relationship is given by Eq. 71, 72, 73, 74

and 75 for concrete strengths in units of psi:

gcf

i _ n( /Elc)
fl - ecf nk (71)

¢ 1’l—1+( /Elc)

Where:
E. = 40,000 f’C + 1,000,000 (72)
n=08+2Lc (73)
2500
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A Popovics constitutive relationship for the ten cores taken from BTE1 was created
utilizing Eq. 71, 72, 73, 74, and 75 above. However, the concrete modulus predicted using Eq. 72
above under-predicts the modulus of the concrete for many cores. The initial concrete modulus
provided by the average strain gauge response and the predicted modulus from Eq. 72, Ec popovics,

is provided in Table B.4. The compressive strength for each core used in Eq. 72 is the corrected

ultimate strength provided in Table B.3.

Table B.4: Measured and Popovics predicted BTE1 concrete modulus (T/P is the Test to

Predicted Ratio).

’
I flen

Ec =

k=0.67+

E; n—1

f'e
9000

Core Ec (ksi) Ec popovics (KSi) T/P
1 4249 4165 1.02
2 4713 4068 1.16
3 4003 4080 0.98
4 4285 4144 1.03
5 4831 4193 1.15
6 5014 4010 1.25
7 4600 4043 1.14
8 4270 4127 1.03
9 5657 4210 1.34
10 5427 4069 1.33

Mean 1.14
C.O.V. 11.4%

The test to predicted ratio for BTE1 cores is greater than one for all but one core, so the
actual measured concrete stiffness has been used in place of the stiffness provided by Eq. 72 for
the Popovics constitutive models. The values for modulus and the calculated strain at peak stress
are provided in Table B.5 for the ten cores taken from BTEL. Figure B.10 shows the Popovics
relationships in comparison to the measured stress-strain response from the strain gauges placed

on each core. Utilizing the measured concrete modulus, the Popovics relationships fit the measured
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data well up through peak stress. Post peak stress, the concrete from BTE1 showed abrupt failures
as seen in Figure B.11. The cores were tested in force control, so the post peak behavior could not
be observed, but the rapidly decreasing strength predicted by the Popovics relationship shown in

Figure B.10 appears reasonable.

Table B.5: Modulus and strain at peak stress for BTE1 cores utilizing Popovics relationship.

Core f'c (psi) Ec (ksi) g'c (x10%)
1 6368 4249 2.11
2 5973 4713 1.83
3 6026 4003 2.16
4 6250 4285 2.08
5 6464 4831 1.88
6 5764 5014 1.68
7 5875 4600 1.85
8 6209 4270 2.07
9 6542 5657 1.62
10 5988 5427 1.59
Mean 6150 4710 1.89
C.0.V. (%) 4.24% 11.5% 11.3%
S.D. 260 539 0.21
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Figure B.10: BTE1 core stress-strain response.

Figure B.11: Typical failure of core from BTEL.

As the data show, the Popovics relationship fits the behavior of each BTE1 core well. The
strain gauges show some variability even for a single core, which is indicative that the differences
are coming from the approach used and not the concrete itself. Moreover, extraction of cores tends
to have an effect on the compression response compared to cast cylinders. Therefore, a modified

Popovics relationship using the mean compressive strength, modulus, and strain at peak stress
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from Table B.5 was used for modeling the BTEL girder concrete. Figure B.12 shows the average
Popovics curve in comparison to the measured stress-strain response from the strain gauges on
each of the BTEL cores. The modified Popovics curve matches the experimental response from
the core data reasonably well, and the relationship is used as the constitutive model for the concrete

in BTE1 in subsequent sections of this report.

7000 T
6000 +
5000 +

4000 f

Stress (psi)

3000 1
2000 +

1000 ¥ /4
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Figure B.12: Average Popovics relationship for BTEL.

Similar tests were conducted and analysis performed to measure the concrete properties of
other girders. Five cores were collected from each of BTE2, BTE3, and BTE4 to ascertain the
stress strain response of the concrete in each girder. The dimensions and measured strengths of the
cores from BTE2, BTE3, and BTE4 can be seen in Table B.6, Table B.7, and Table B.8,
respectively. The mean measured strengths for BTE2, BTE3, and BTE4 were 8930 psi, 7140 psi,
and 7836 psi, respectively. Like the cores from BTE1, the cores from BTE2, BTE3, and BTE4
were corrected using correction factors from ACI 214.4-21 (2021). The values for correction
factors given by ACI 214.4-21 (2021) and the corrected compressive strength of BTE2, BTE3 and
BTE4 are also listed in in Tables B.6, B.7, and B.8, respectively. After applying the correction
factors, the compressive strength of BTE2 was 9080 psi, BTE3 was 7270 psi, and BTE4 was 7974

psi.
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Table B.6: Dimensions with measured and corrected compressive strength of BTE2 cores.

Length Dtop Dmid | Dot Daverage flc,measured ) feore f|c,corrected
e amy | m | Gn) | ) | gy | SO | sy | P Fan ] B | P s | i)
1 7.65 3.65 | 3.65|3.67 | 3.66 2.09 9091 | 1.00 | 1.00 | 0.96 | 1.06 | 9091 9242
2 7.62 3.67 | 3.66 | 3.66 | 3.66 2.08 9853 | 1.00 | 1.00 | 0.96 | 1.06 | 9853 10019
3 7.67 3.66 | 3.66 | 3.66 | 3.66 2.10 8743 | 100 | 100|096 | 1.06 | 8743 8887
4 7.41 3.67 | 3.66 | 3.67 | 3.67 2.02 8945 | 1.00 | 1.00 | 0.96 | 1.06 | 8945 9102
5 7.64 3.66 | 3.66 | 3.66 | 3.66 2.09 8011 | 1.00|1.00|0.96 | 1.06 | 8011 8145
Mean 8929 Mean 9079
C.o.v. C.Oo.Vv.
(%) 7.42 (%) 7.43
S.D. 663 S.D. 675

Table B.7: Dimensions with measured and corrected compressive strength of BTE3 cores.

Length Dtop Dmid | Dot Daverage f'c.measured ) feore f'c.corrected

Core | “ny | qiny | Gy | Gy | gy | HPeeese | sy | Fre | Fa | Fme )l Fool oy | (psi)
1 761 |[372|372|372| 372 2.05 6197 | 1.00 | 1.00 | 0.96 | 1.06 | 6197 6304
2 748 |373|373|3.74| 3.73 2.00 7123 | 1.00 | 1.00 | 0.96 | 1.06 | 7123 7248
3 754 |372|372|372| 372 2.03 6838 | 1.00 | 1.00 | 0.96 | 1.06 | 6838 6957
4 758 |372 372|373 | 372 2.04 7616 | 1.00 | 1.00 | 0.96 | 1.06 | 7616 7749
5 752 |372|372|372| 372 2.02 7931 | 1.00|1.00 | 0.96 | 1.06 | 7931 8070
Mean 7141 Mean 7266

C.OV. C.O.V.
(%) .48 (%) 9.49
S.D. 677 S.D. 689

Table B.8: Dimensions with measured and corrected compressive strength of BTE4 cores.

Length Dtop | Dmid | Doot | Daverage f'c measured ) feore f'c corrected

Corel “ny | Gn) | Gin) | Gn) | ) | /P | gpsiy | P | Fae ) Fre l Fa b ohy 1 psi)
1 7.40 | 3.69 | 3.72 | 367 | 3.72 1.99 7915 | 1.00 | 1.00 | 0.96 | 1.06 | 7915 8054
2 750 | 3.71 | 371|366 | 3.72 2.02 7363 | 1.00 | 1.00 | 0.96 | 1.06 | 7363 7492
3 7.50 3.73 | 3.72 | 366 | 3.72 2.02 8033 1.00 | 1.00 | 0.96 | 1.06 | 8033 8175
4 742 | 372 | 372|367 372 1.99 7467 | 1.00 | 1.00 | 0.96 | 1.06 | 7467 7599
5 7.44 | 374 | 372|366 | 3.73 1.99 8401 | 1.00 | 1.00 | 0.96 | 1.06 | 8401 8549
Mean 7836 Mean 7974

C.OV. C.O.V.
(%) 5.43 (%) 5.43
S.D. 425 S.D. 433
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As with BTE1, a Popovics stress-strain relationship was fit to the stress strain results from
BTE2, BTE3, and BTE4 core testing. The measured concrete modulus is used in the Popovics
relationship for BTE2, BTE3, and BTE4 because the concrete modulus predicted by Eq. 72 above
tends to under-predict modulus for this concrete mix. The measured and predicted moduli for
BTE2, BTE3 and BTE4 are shown in Table B.9.

Table B.9: Measured and Popovics predicted concrete moduli of BTE2, BTE3, and BTE4

Girder BTE2 BTE3 BTE4
Core = =G.popoes T/P = ECpopavis T/P = G popoves T/P

(ksi) (ksi) (ksi) (ksi) (ksi) (ksi)

1 6336 4814 1.32 4845 4149 1.17 5062 4559 111

2 6808 4971 1.37 6796 4376 1.55 4844 4432 1.09

3 6835 4740 1.44 5680 4308 1.32 5743 4585 1.25

4 7096 4783 1.48 6621 4491 1.47 4934 4457 1.11

5 5908 4580 1.29 5393 4562 1.18 4672 4666 1
Mean 1.38 Mean 1.34 Mean 1.11
C.O.v. 5.93% C.0.V. 12.90% cov 8.09%

The concrete strength, measured modulus, and calculated strain at peak stress for each core
of BTE2, BTE3, and BTE4 are shown in Table B.11. The Popovics relationship for each individual
core, like BTE1, matches the measured stress-strain response reasonably well as shown in Fig.
B.13, Fig. B.14, and Fig. B.15.
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Figure B.13: BTE2 core stress-strain response.
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Figure B.14: BTE3 core stress-strain response
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Figure B.15: BTEA4 core stress-strain response
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A modified Popovics relationship utilizing the average values from Table B.10, analogous to BTEL,
was used to model the concrete behavior for each of BTE2, BTE3, and BTE4, as shown in Figure B.16,
B.17, and B.18.

Table B.10: Modulus and strain at peak stress for BTE2, BTE3 and BTE4 cores utilizing Popovics

relationship.
Girder BTE2 BTE3 BTE4
{ H H 8'C { H H 8’0 1 H H 8'0

Core | f'c (psi) Ec (ksi) (x10%) f'e (psi) | Ec (ksi) (x107) f'e (psi) | Ec (ksi) (x107)
1 9242 6336 1.85 6304 4845 1.84 8054 5062 2.09
2 10019 6808 1.83 7248 6796 1.44 7492 4844 2.07
3 8887 6835 1.67 6957 5680 1.68 8175 5743 1.86
4 9102 7096 1.63 7749 6621 1.55 7599 4934 2.06
5 8145 5908 1.81 8070 5393 1.97 8549 4672 2.37
Mean 9080 6600 1.76 7270 5870 1.7 7974 5051 2.09
Ctgo')v' 7.43 7.16 5.74 9.49 14.10 12.40 5.43 8.16 8.62
S.D. 675 472 0.1 689 827 0.21 433 412 0.18
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Figure B.16: Average Popovics relationship for BTE2.
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Figure B.17: Average Popovics relationship for BTE3.
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Figure B.18: Average Popovics relationship for BTEA4.

As with BTEL, the modified Popovics curves using the average concrete compressive
strength, modulus, and strain at peak stress represents well the measured stress-strain response

from core testing of BTE2, BTE3, and BTE4. The modified Popovics relationships shown above
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for each of the BTE specimens are used to model the concrete in the respective girders in

subsequent sections of this report.

B.1.2.2 Deck Concrete

To estimate the compressive strength and modulus of the deck concrete, three deck cores
were recovered during deconstruction of the Bonner Bridge, and were tested in a similar procedure
to the girder cores. The cores salvaged by the authors but were taken from the deck by the
contractor to create lifting locations in the deconstruction process. While it is not known whether
the collected samples correspond to the span 142, they provide an estimate of the concrete deck
properties. The dimensions of each core were recorded as shown in Table B.11, along with the
measured compressive strengths. The mean measured strength of the deck concrete is 5480 psi.
The values for correction factors given by ACI 214.4-21 (2021) and the corrected compressive
strength of the deck concrete are provided in Table B.11. After applying the correction factors
suggested by ACI 214.4-21 (2021) the compressive strength of the concrete deck was 5550 psi.

Table B.11: Dimensions with measured and corrected compressive strengths of deck cores.

Length Dtop Dmid Dbot Daverage f'c,measured i fcore flc,corrected
(i) | ) | Gy | Gy | Gy | P | Cgpsiy | Fe | Fae ) el Fo T sy osi)

Core

6.75 | 37| 3.7 |371| 371 1.82 5296 1.00 | 1.00 | 0.96 | 1.06 | 5296 5367

6.69 | 3.7 | 373|373 | 3.73 1.79 6460 | 0.99 | 1.00 | 0.96 | 1.06 | 6460 6539

3 775 | 3.7 | 373|373 | 3.73 2.08 4677 1.00 | 1.00 | 0.96 | 1.06 | 4677 4756

Mean 5480 Mean 5550
C.0O.V. (OXOAYA
(%) 16.53 (%) 16.32
S.D. 905 S.D. 906

The deck concrete cores show higher variability in ultimate strength, but all of these cores
contained reinforcing steel which likely created weak planes in the cylinder. Figure B.19 illustrates
how the deck cores failed by splitting between the included steel reinforcement.
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Figure B.19: Deck core failure around steel reinforcement.

The values for concrete modulus, Ec, and strain at peak stress, ¢ ¢, as given by the Popovics
relationship above for the deck cores can be seen in Table B.12. Utilizing these values and the
corrected values for compressive strength of the deck concrete given in Table B.11, a Popovics
stress-strain curve can be plotted alongside the measured stress-strain response for each of the
three strain gauges on the tested deck cores. The comparison of the Popovics relationship to the
measured stress-strain response of the deck can be seen in Figure B.20. Due to a faulty gauge, the
data provided by gauge 1 on deck core 3 was ignored. The Popovics stress-strain prediction
matches well to the measured stress-strain response of the deck cores.
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Table B.12: Modulus and strain at peak stress for the deck cores utilizing Popovics relationship.

Core f'c (ksi) | Ec (ksi) | &% (x107)
1 5367 3911 2.06
2 6539 4215 2.18
3 4756 3736 2.00
Mean 5550 3950 2.08
C.0O.V. (%) 16.3 6.14 4.26
S.D. 906 243 0.09

The Popovics relationship accurately represents the individual deck core behavior, so like
the girder concrete, a Popovics relationship representing the average behavior for the deck is used
for modeling the residual deck on the girders in subsequent sections. Utilizing the mean
compressive strength, modulus, and strain at peak stress for the deck concrete as shown in Table
B.12, a modified Popovics relationship representing the average behavior for the deck concrete
was created. Figure B.21 shows the average Popovics relationship in comparison to the measured
stress-strain results from all gauges on each of the tested deck cores. As previously mentioned, due
to the reinforcing steel present in the deck cores, the ultimate strength is not as consistent, but the
modified Popovics curve represents well the concrete compressive behavior and is likely
conservative for the ultimate strength of the deck concrete. A possible reason may be the use of
neoprene caps, which would exacerbate any tendency towards splitting modes, due to stress
concentrations around the edges, particularly if 3.75"” diameter cylinders are tested in 4” diameter

caps.
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Figure B.20: Deck core stress-strain response.
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Figure B.21: Average Popovics relationship for deck concrete.
B.2 Instrumentation for Flexure Tests

B.2.1 String Potentiometers

Five string potentiometers were placed underneath the beam at an even spacing of 119 in. to
measure the vertical displacement of the beam throughout loading. The string potentiometer layout
can be seen in Figure 3.20 and Figure B.22. The string potentiometer displacements would
theoretically include the vertical displacement of the strong floor during loading, but the stiffness
of the strong floor is far higher than that of the girder and does not contribute significantly to the
total measured deflection.
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Figure B.22: String potentiometers underneath a girder.

B.2.2 Strain Gauges

To capture the longitudinal strain profile through the section depth, strain gauges with a 60 mm
(2.36 in.) gage length were placed at midspan. These gauges were located 2 in. and 43 in. up from
the bottom of each girder on the east side face, and are referred to as Set 1. The gauges were placed
over a thin epoxy patch applied to provide a smooth bonding surface over the concrete. A second
set of gauges, set 2, was placed 5 in. to the North of the midspan gauges to provide redundancy in

case of a midspan gauge failure. These strain gauges can be seen in Figure B.23.

Figure B.23: Strain gauges at the top (left) and bottom (right) of a girder.
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B.2.3 Optical LED Displacemen Measurements

The Optotrak Certus HD system uses cameras to track infrared light emitting diode markers
(LEDs) on the girder surface to capture the 3D position the markers throughout testing. During
testing, data were collected continuously using a single camera at 10 Hz. The LED markers were
placed in a 7x7 grid with 8 in. center to center horizontal spacing and a variable vertical spacing
to fit the markers on the flat surfaces of the girder elevation. In total, 49 LED markers were placed
on the beam. The LED grid dimensions can be seen in the inset of Figure B.23 above, and the

complete grid prior to testing can be seen in Figure B.24.

Figure B.24: Optical LED grid at midspan.

B.2.4 Digital Image Correlation Data

DIC was used to measure the three dimensional displacement field of a speckled surface
throughout loading. For the BTE series of tests, images from the digital cameras were taken at 2
Hz. Black speckles applied over a thin layer of white paint provide contrast for the system. For the

BTE series of tests, the speckles were approximately 0.05 in. in diameter and were applied using
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both a speckle roller and a felt tip marker. Before testing, the system of two cameras was calibrated
the day before and the morning of testing to ensure error was minimized and the desired field of

view was captured. The speckle pattern and camera setup can be seen in Figure B.25 below.

Figure B.25: DIC speckle pattern and camera setup.

The DIC data give the full three-dimensional (3D) displacement field of the measured
surface. The displacement field can be used to determine the kinematic response of the beam,
strains in the uncracked regions, and average strains over larger areas. Additionally, virtual
extensometer measurements can be obtained between any of the captured points. The data are used
to assess cracking of the specimen from crack onset through failure. The DIC data for each test are
presented in Chapter 4 of this report. Some of the extensometers used for post-processing can be

seen in Figure B.26 below.
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Figure B.26: DIC virtual extensometers.

B.3 Loading Protocol

The flexural testing of the BTE series occurred in two stages: load cycles near cracking and
monotonic loading to failure. The load cycles are used to determine the cracking characteristics
and prestress losses of the girder, and the monotonic loading to failure was used to determine the
ultimate capacity of the girders. The first stage of flexural testing involves three load-unload cycles
performed at four load levels. The load cycles was performed in force control at a loading rate of
1 kip per second. To maintain a constant load rate for each cycle, a linear ramp function was used.
For BTE1 the nominal load levels were: 80, 100, 125, and 150 kips of applied actuator load. These
load levels were selected to apply moments just below and just above the expected first cracking
moment for the girder, thus carefully being able to capture first cracking. Cycles after first cracking
were applied so that loads required to reopen the cracks could be measured. The moment at first
cracking is higher than the moment required to overcome the compressive stress from prestressing
because of the tensile strength of the concrete. The moment to re-open existing cracks, the crack
reopening moment, is not influenced by the tensile strength of the concrete and corresponds to the
load required to overcome the force of prestressing. This crack reopening moment can then be
used to determine the prestress loss from elastic equations for the stresses in the section. Similar
approaches have been conducted in the literature with success (Azizinamini et al., 1996; Garber et
al., 2015; Halsey and Miller, 1996; Higgs et al., 2015). Between cycles, the load was reduced to a
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minimum of 5 Kkips of applied actuator load, rather than zero, to ensure the spreader beam did not
lift off the load plates and shift. For BTE2, BTE3 and BTE4, the spacing of the loading plates
reduced from 9 ft. to 7 ft. apart. Thus, the levels of applied load were reduced to keep the levels of
applied moments the same between all tests. Therefore, the cyclic load levels for BTE2, BTE3,
and BTE4 changed to: 75, 95, 115, and 130 Kips of actuator load.

After unloading from cycling near cracking, the actuator was switched from force control
to displacement control for the monotonic loading phase of each test. During this transition, at
least 5 kips of actuator load was maintained to keep the test frame aligned for the remainder of the
test. The displacement rate was %2 in. per minute for the monotonic loading. During the test, the
loading was stopped at predetermined loads so that the girders could be approached, photographs
taken, and cracks marked and measured with a crack comparator. These pauses in loading are
referred to as load stages, and at each load stage, the applied load was reduced by at least 10% to
ensure the specimen was safe to approach. Since the specimens were predicted to have sudden
failures due to concrete crushing, the load stages were stopped at relatively low loads for safety.
Monotonic loading of BTE3 and BTE4 was stopped at approximately 95% of the lowest peak
moment attained from BTEL and BTE2 to provide the opportunity for shear testing of the BTE3
and BTE4 girder end regions.
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APPENDIX C - ADDITIONAL EXPERIMENTAL OBSERVATIONS

Appendix C provides additional details of the experimental results. It discusses results from the

flexural tests of the BTE1, BTE2, BTE3 and BTE4 specimens.

C.1 BTEL Flexural Testing

The flexural testing of BTE1 began on July 2", 2021with load cycles at low load levels to
determine initial cracking and crack reopening loads. The load levels and also the corresponding
shear refer to the actuator force and this force labelling convention remains consistent in the
discussion below. The applied moment due to actuator load does not include moment due to self-
weight but it exists throughout the loading period. Unless otherwise specified, applied moment
always refers to the moment due to actuator load throughout the report. Three load cycles are
conducted at each load level. The first load level reached 80 kips of actuator load corresponding
to 40 kips of applied shear and an applied moment of approximately 1010 k-ft. As previously
mentioned, the trough of the linear ramp cycles was 5 Kips of actuator load to ensure no movement
in the test apparatus occurred from spreader beam liftoff. During the three cycles up to 80 Kkips
there was no audible or visible cracking on the girder. The next load level reached 100 Kips of
actuator load corresponding to 50 kips of applied shear and an applied moment of approximately
1260 k-ft. As with the 80 kip load level, there was no audible or visible change to the beam during
the 100 Kip load level cycles. From 100 kips, the load level increased to 125 kips of actuator load
corresponding to 62.5 kips of applied shear and an applied moment of 1580 k-ft. During the three
cycles to 125 kips, flexural cracking on the beam was observed. Additionally, flexure-shear
cracking became visible just outside of the loading plates during this set of cycles. Finally, the load
level reached 150 kips of actuator load corresponding to 75 kips of applied shear and an applied
moment of 1900 k-ft. During the first loading up to 150 kips the more corroded of the two patched
strands mentioned in the condition assessment of BTE1 audibly ruptured around 140 kips of
actuator load. The rupture of the strand corresponded to further flexural crack opening at the strand
rupture location. During the cycles up to 150 kips, cracks were observed to open and close.

After the load cycles at four load levels, the girder was unloaded and then again

monotonically loaded to failure with several load stages. The first load stage was taken at 150 Kips
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of actuator load. While conducting load stages, it was noted that the load frame shifted slightly
during the earlier phase when load cycles were conducted. After the first load stage, it was
determined that the testing should be stopped and the test frame should be re-centered above the
specimen and post-tensioned to the strong floor. To further reduce eccentricity, the decision was
made to replace the fiber board under the load plates with grout so the spreader beam would be

level. Grout was used beneath the load plates for all subsequent tests.

After the girder was centered underneath the actuator, the test frame was post-tensioned to
the strong floor with approximately 350 kips of force, the monotonic testing of the girder resumed
on July 81, 2021. The DIC system had to be moved between the two sets of tests which required
recalibration of the system, thus the strains measured after unloading from the first test are not
included in the second test. However, the residual strains from unloading the first test are within
the noise threshold for the DIC system and do not significantly affect the results. While the residual
strains are negligible, the small permanent deflection of the beam measured by the string
potentiometers in the cyclic testing have been added to the deflection measurements for the second
test for consistency. The first load stage on the second day of testing was again taken at150 Kips
of actuator load. The crack pattern and widths were checked for any change from the observations
at the same load stage from the previous day. The crack widths and pattern did not change between
the first and second day of loading for this load stage. Monotonic loading of the specimen was
resumed until the next load stage at 175 kips. While loading to the 175 kip load stage, additional
flexural cracks opened and significant flexure-shear cracks could be seen on either side the loading
plates outside the flexural region. The load was reduced significantly before approaching the
specimen for this load stage. Cracks widened and extended from the first load stage. After the
second load stage, it was determined that further load stages should not be conducted for safety
reasons. A summary of the cracks marked and measured at the load stages is provided in Figure
C.1.
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Figure C.1: BTE1 load stage crack diagrams (Crack widths are in mm).




The specimen was monotonically loaded to failure which occurred at 201 Kkips of actuator
load. The corresponding applied peak moment was 2550 k-ft. The specimen failed by crushing of
the top flange due to flexural compression. After crushing of the top flange, the girder broke into
two pieces by separating along one of the flexure-shear cracks extending towards the loading plate.
The separation of the girder along the flexure-shear crack is a post-peak phenomenon, and failure
of the girder was caused by crushing of the top flange, not flexure-shear cracking. The failed

specimen can be seen in Figure C.2.

Figure C.2: Photo of BTEL1 after failure.

The load versus midspan displacement curves for the load cycles and monotonic loading
to failure can be seen in Figure C.3. The deflection at peak load for the girder was 7.85 in. at the
onset of crushing in the compression flange. Additionally, the girder displacement at each of the
five string potentiometers along the span for the monotonic loading can be seen in Figure C.4. The

string potentiometers showed symmetrical displacement of the girder.
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Figure C.3: BTEL load versus midspan displacement for load cycles (day 1) and monotonic (day
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Displacement at Peak Load

Figure C.4: BTE1 displacement along the length.

In addition to load deflection data, the strains through the depth of the member were
determined using both strain gauges and DIC data. The strain gauges show the strains though the
depth during the elastic uncracked portion of the loading, but they are subject to damage after
cracks propagate underneath the strain gauge. The strain gauges are also used to corroborate the
cracking loads of the girder at the gauge location. Figure C.5 shows the top and bottom strains
from each set of gauges, set 1 and set 2 (see section A2.2.2) throughout the load cycles.

As can be seen in Figure 4.5 above, the top strains remain elastic throughout the load
cycles, and the bottom gauges indicate cracking of the girder. To compare DIC results to the strain
gauge data, points were used at the same location as the first set of strain gauges corresponding to

the girder’s midspan. The results from the DIC points can be seen in Figure C.6.

++++++++++++++++++++++++++
||||||||||||||||||||||||||||||||

155



2 z
=t ]
g g
— —
5 =
E E
g Bottom Gage, Set 1 3 Bottom Gage, Sct 2
Top Gage, Set | Top Gage, Set 2
-1 0 1 2 3 4 5 6 7 -1 0 1 2 3 4
Strain (x10-3) Strain (x10-3)

Figure C.5: BTEL1 strain gauge data through three load cycles at each load level. Bottom gauge,

set 1 (blue), top gauge, set 1 (red), bottom gauge, set 2 (teal), top gauge, set 2 (orange).

@
B
=
=)
[+
e}
—
b
=]
=
=
151
< —— DIC Top Point
—— DIC Bottom Point
-2.00 -1.00 0.00 1.00 2.00 3.00 4.00

Strain (x10-3)

Figure C.6: BTE1 DIC point strains at girder midspan through load cycles at each load level.

As with the strain gauges, DIC shows that the top strains remain elastic throughout the load
cycles. Bottom strains, however, remain elastic only up to the point of cracking. Cracking
corresponds to the change in stiffness observed in Figure C.6. Strain from the DIC point near the
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bottom flange is compared to the average bottom strain gauge behavior for the cracking cycle in
Figure C.7. The response agrees reasonably well. The discrepancies arise from differences in gauge

lengths of the measurements. A more detailed discussion will occur in subsequent sections.
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Figure C.7: BTEL1 strain comparison between DIC and strain gauge for first cycle up to 125 kips

actuator load.

To further understand strains through the depth during loading, horizontal extensometers
were used in DIC post-processing at four locations through the depth near midspan. These
extensometers provide longitudinal strains through the depth for each image taken during the test.
The strains through the depth can be seen for each of the four load steps during load cycles, the

two load stages of monotonic loading, and the ultimate load for the girder in Figure C.8.
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Figure C.8: BTEL DIC horizontal extensometer strain profile.

The longitudinal strains from the DIC extensometers initially indicate a linear distribution
of strains through the depth. Above 125 kips of actuator load, however, the strains do not remain
linear from the top to the bottom of the specimen during loading. The strains remain linear from
the top of the section to a height of approximately 15 in., but the bottom of the section does not

show linearly increasing strain. The discontinuity in strain is likely due to the debonding of the
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surface concrete at very high tensile strains, and this observation is consistent with data collected

by other researchers (Halsey and Miller, 1996).

Virtual extensometers in DIC post-processing were also used to determine the elongation
across cracks during the load cycles to determine when the initial crack first opened and closed.
Before cracking of the specimen, the virtual extensometer reads elastic elongation of the girder,
but at cracking the extensometer elongation jumps suddenly. Upon unloading, the extensometer
elongation decreases rapidly until the crack is closed. Then, the slope of the applied moment-
extensometer elongation curve becomes almost the same as the uncracked section. Note that the
virtual extensometer was placed over the first crack that occurred on the girder, and the location
and elongation of the extensometer can be seen in Figure C.9. The extensometer elongation is a

five point moving average of the DIC data.

-----------------------------
||||||||||||||||||||||||||||||||
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Figure C.9: BTEL first crack virtual extensometer.

Extensometer elongation was offset after each load cycle and plotted against applied moment as
shown in Figure C.9. The three cycles for load steps of 80 and 100 kips of actuator load are only
producing elastic strains in the girder because the lines are a constant slope. The first cycle up to
125 Kips of actuator load is the first instance of cracking in the girder because there is a sudden
increase in the extensometer’s elongation. After cracking, the extensometer shows higher
elongations for a given moment because the cracks take a significant force to close after opening

(Ruggiero, 2015). Figure C.10 highlights on the first cycle up to 125 kips of actuator load, and the
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transition from uncracked extensometer elongation to cracked elongation can be seen. However,

the exact point of stiffness change requires careful investigation.
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Figure C.10: BTE1 applied moment versus extensometer elongation showing stiffness change

due to cracking.

To determine first cracking, DIC strain maps (principal strain €;) at the instant when crack
first appeared was captured and a pair of extensometers were placed one at the crack and one right
beside it to observe how the principal strain and extensometer elongation changes as load
increases. This was done to compare how the behavior of extensometer elongation changes with
and without a crack. Virtual extensometer EO was placed at the crack and E1 at the same height
right beside the crack, parallel to EO as shown in Figure C.11. Both the extensometers are at a
distance of 1.75 in from the bottom of girder.

The EO and E1 extensometer elongation was plotted against the applied load. The
extensometer placed between cracks provides measurements of the elastic elongation throughout
the loading. The extensometer placed over the crack provides detailed crack opening and closing
data. At a load of 102.3 kips, the extensometer placed at the location of first crack show an abrupt
change in elongation (Figure C.12). This sudden change in elongation occurs when the crack
forms. Both the extensometer elongations agree up to first cracking. The point at which they
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diverge can be used to determine when first cracking occurs more accurately. The DIC strain map
at this particular instant shows very high strains around the extensometer indicating either the crack

has formed or is on the verge of propagating.
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EO E1

\ ! First Crack

Figure C.11: Location of extensometers on first crack and between cracks.

To further verify the load at which first cracking occurs, a 20 point moving average of the
extensometer elongation versus load was plotted against the midspan displacement. The filtering
approach helps make clear when the section transitions from uncracked to a cracked section. Figure
C.12 shows the average slope starts to increase at an applied moment of 1295 k-ft (or load of 102.3
Kips) corresponding to a displacement of 24.7 mm. The strain map at the instant corresponding to
this moment show very high strains and maps the shape of a crack. The strain diagrams indicate
the crack has already initiated and the tip of crack has reached the extensometer EO (Figure C.13)
at an applied moment of 1295 k-ft. The crack only becomes obvious at an applied moment of 1350
k-ft where it has extended past the extensometer into the depth of girder. As the crack progresses
further into the girder, changes in extensometer elongation becomes more rapid and noisier and it
becomes difficult to identify a cracking point. Thus, the cracking moment is 1295 k-ft for BTEL.
The DIC strain map is a useful tool to see the location and depth of cracks, and a two-fold approach
where changes in slopes of extensometer elongation versus load is monitored simultaneously with
the DIC strain maps can be used to pinpoint where the crack first appeared and the length of crack

at that particular instant.
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Figure C.12: Identifying first instance of cracking of BTEL.
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Figure C.13: Principal Strain Map, &1 (a) At Cracking Moment of 1295 k-ft (b) When crack is

obvious at 1350 k-ft.

The crack reopening moment can be found using the same procedure as the cracking
moment (Figure C.14). To avoid influence from accumulated damage from cyclic loading, the first
load cycle after the crack has appeared is used to determine the crack reopening moment.
Extensometer elongation is plotted against load for the two extensometers placed on crack and
between cracks. The point of divergence marks the crack reopening. A filtering approach which
plots 20 point moving average of stiffness of extensometer elongation/load against midspan
displacement is used to estimate the crack reopening moment accurately. The crack-reopening
moment correspond to the instant when the tip of crack just touches an extensometer after it

reopens in the DIC strain map (Figure C.15). The crack reopening moment was found to be 905
k-ft for BTEL.
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Figure C.14: Identifying first instance of cracking reopening of BTEL.
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Figure C.15: Principal Strain (¢1) map at Cracking Reopening Moment.

The cracking moment and crack reopening moment also agrees with the applied moment versus

extensometer elongation plot as used in previous studies by Azizinamini et al. (1996) and shown
in Figure C.16.
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Figure C.16: BTE1 applied moment versus extensometer elongation with bi-linear approach to

find (a) Cracking Moment (b) Crack Reopening Moment.
The first cracking and crack reopening moments found above requires observation of strain

maps generated in DIC post-processing of the principal strain, €1. Figure C.17 and Figure C.18
below show the initial cracking of the girder and the reopening of the crack, respectively.

167



-0.000355 0.0007

-0.000425 First Cracking: M = 1295 k-ft 0.000675

N ‘-._..—,—-.'ri-.ﬂ.-.— r—gp——
. f. S

?

-0.00044 Post-cracking: M=1430 k-ft 0.00133

Figure C.17: BTE1 principal strain maps (¢1) indicating cracking.
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Figure C.18: BTEI crack reopening principal strain maps (¢1).
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The principal strain, &1, maps for each of the four cyclic load steps, the two load stages of
monotonic loading, and the ultimate load are provided in Figure C.19. These maps show tensile
strains with strain concentrations around the flexural cracks. Figure C.20 shows the ultimate load

strain maps for axial strains, x and &y, shear strain, yxy, and principal strains, ¢1 and .
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Figure C.19: Principal strain, €1, maps for BTEL.
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Figure C.20: BTE1 peak load strain maps.
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C.2 BTE2 Flexural Testing

The experimental testing of BTE2 began on September 1%, 2021 with load cycles at low load levels
to determine cracking and crack reopening moments. The first load level for load cycles reached
75 Kips of actuator load corresponding to 37.5 kips of applied shear and an applied moment of
approximately 985 k-ft. As with BTE1, the trough of the linear ramp cycles maintained at least 5
kips of actuator load to ensure no movement in the test apparatus occurred from spreader beam
liftoff. During the three cycles up to 75 kips, there was no audible or visible cracking on the girder.
The next load level reached 95 kips of actuator load corresponding to 47.5 Kkips of applied shear
and an applied moment of approximately 1250 k-ft. As with the 75 kip load level, there was no
audible or visible events during the 95 kip load level cycles. From 95 kips the load level was
increased to 115 kips of actuator load corresponding to 57.5 kips of applied shear and an applied
moment of 1510 k-ft. During the three cycles to 115 kips, flexural cracking on the beam was
observed and the crack opening and closing was observed. Finally, the load level reached 130 kips
of actuator load corresponding to 65 kips of applied shear and an applied moment of 1710 k-ft.
Flexural cracks became visibly wider from the previous load levels, and crack propagation into the
web was observed. Additionally, flexure shear cracking became visible near the load plates in the
shear spans.

After the load cycles at four load levels, the girder was unloaded and then again
monotonically loaded to failure with several load stages. The first load stage was taken at 100 Kips
of actuator load. During this load stage, cracks were marked and measured with a crack comparator
and photos were taken of the specimen. Monotonic loading of the specimen was resumed until the
next load stage at 120 kips occurred. Both the 100 kip and 120 kip load stages were lower than the
highest load level attained during load cycles, so no additional cracking was observed during these
load stages. The next load stage occurred at 140 kips of actuator load, and while loading to 140
kips, additional cracking was observed and flexure shear cracking continued to propagate into the
shear spans. The final load stage occurred at 160 kips of actuator load. While loading to the 160
kip load stage, additional flexural cracks opened, small portions of the concrete deck began to spall
off, and significant flexure-shear cracks could be seen on either side of the loading plates outside
the flexural region. The load was reduced significantly before approaching the specimen for this
load stage. After the 160 kip load stage, it was determined that further load staging should not be
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conducted for safety. A summary of the cracks marked and measured at the load stages is provided
in Figure C.21.
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Figure C.21: BTEZ2 load stage crack diagrams (Crack widths are in mm).

The specimen was then monotonically loaded to failure which occurred at 196 Kkips of
actuator load. The corresponding applied peak moment was 2570 k-ft. Similar to BTE1 the
specimen failed by crushing of the top flange due to flexural compression, and after crushing of
the top flange, the girder broke into two pieces by separating along one of the flexure-shear cracks
extending towards the loading plate. The separation of the girder along the flexure-shear crack is
occurred after the peak load was reached. The initiation of failure of the girder was caused by
crushing of the top flange, not flexure-shear cracking. The failed specimen can be seen in Figure

C.22.

BTE2 Load Stage 4
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Figure C.22: Photo of BTE2 after failure.

The load versus midspan displacement curves for the load cycles and monotonic loading
to failure can be seen in Figure C.23. The deflection at peak load of the girder was 6.58 in. at the
onset of crushing in the compression flange. The girder displacement at each of the five string

potentiometers along the span for the monotonic loading can be seen in Figure C.24.
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Figure C.23: BTEZ2 load versus midspan displacement for load cycles and monotonic loading to

failure.
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In addition to load deflection data, the strains through the depth of the member were
determined using both strain gauges and DIC data. Figure C.25 shows the top and bottom strains

from each set of gauges, set 1 and set 2, throughout the load cycles performed at each load level.
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Figure C.25: BTEZ strain gauge data through load cycles at each load level. Bottom gauge, set 1
(blue), top gauge, set 1 (red), bottom gauge, set 2 (teal), top gauge, set 2 (orange).

As can be seen in Figure C.25, the top strains remain elastic throughout the load cycles,
and the bottom gauges indicate cracking of the girder. The bottom gauge on the second set crossed
a crack and shows dramatic increases in strain post cracking. To compare DIC results to the strain
gauge data, points were used at the same location as the first set of strain gauges corresponding to

the girder’s midspan. The results from the DIC points can be seen in Figure C.26.
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Figure C.26: BTE2 DIC point strains at girder midspan through load cycles.

As with the strain gauges, DIC shows that the top strains remain elastic throughout the load
cycles. Also, the DIC point near the bottom flange indicates lower strains at higher actuator loads,
so the concrete beneath the point is becoming debonded at higher strains. Strains from the DIC
point near the bottom flange are compared to the average bottom strain gauge behavior for the
cracking cycle in Figure C.27. The response agrees reasonably well. The discrepancies arise from
the differences in gauge lengths of the measurements. A more detailed discussion will occur in

subsequent sections.
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Figure C.27: BTEZ2 strain comparison between DIC point and strain gauge comparison for first

cycle to 115 kips actuator load.

To further investigate the strains through the depth during loading, horizontal
extensometers were used in DIC post-processing at four locations through the depth near midspan.
These extensometers provide longitudinal strains through the depth for each image taken during
the test. The strains through the depth can be seen for each of the four load steps during load cycles,

the four load stages of monotonic loading, and the ultimate load for the girder in Figure C.28.
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Figure C.28: BTE2 DIC horizontal extensometer strain profile.

The longitudinal strains from the DIC extensometers initially indicate a linear distribution
of strains through the depth. As can be seen in Figure C.28, for loads greater than 130 kips the
strain reading at 15 in. above the bottom of the girder is less than expected for a linear strain
variation. However, the strain variation from the top to the bottom of the specimen is linear when

the strains at 15 in. height are omitted.

Virtual extensometers in DIC post-processing were also used to determine the elongation

across cracks during the load cycles to determine when first cracking occurs, when closing occurs
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and when crack reopening occurs. Before cracking of the specimen, the virtual extensometer reads
elastic elongation of the girder, but at cracking the extensometer elongation increases suddenly.
Upon unloading, the extensometer elongation decreases rapidly until the crack is closed. Then, the
slope of the applied moment-extensometer elongation curve returns to that of the uncracked
section. The virtual extensometer was placed over the first crack that occurred on the girder, and
the location and elongation of the extensometer can be seen in Figure C.29. The extensometer

elongation is a five point moving average of the DIC data.
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Figure C.29: BTEZ2 first crack virtual extensometer.

The extensometer elongation was offset after each cycle and plotted against applied
moment as shown in Figure C.29. The three cycles for load steps of 75 and 95 kips of actuator
load remain elastic. The first cycle up to 115 Kips of actuator load is the first instance of cracking
in the girder; there is a sudden increase in the extensometer’s elongation at the peak load for that
cycle. Figure C.30 highlights on the first cycle up to 115 kips of actuator load, and the transition
from uncracked extensometer elongation to cracked elongation can clearly be seen. However, the

exact point of stiffness change requires careful investigation.
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Figure C.30: BTE2 applied moment versus extensometer elongation to determine cracking.

To determine first cracking, DIC strain maps at the instant when crack first appeared was
captured and a pair of extensometers were placed, EO was placed at the location of first crack and
E1 placed away from the crack both at a distance of 1.75 in from the bottom flange of the girder.
This was done to compare how the behavior of extensometer elongation changes with and without
a crack. The EO and E1 extensometer elongation was plotted against the applied load. The
extensometer placed between cracks provide measurements of the elastic elongation throughout
the loading. The extensometer placed over the crack provides detailed crack opening and closing
data. E1 and EO both shows elastic elongation but an abrupt change in slope occurs at a load of
104 kips for EO (Figure C.31). This sudden change in elongation occurs marks the onset of
cracking. Both the extensometer elongations agree up to first cracking. The point at which they
diverge can be used to determine when first cracking occurs more accurately. The DIC strain map
at this instant shows very high strains around the extensometer indicating, either the crack has
formed or is on the verge of propagating. To further verify the load at which first cracking occurs,
a 20 point moving average of the extensometer elongation versus load was plotted against the
midspan displacement. The filtering approach helps make clear when the section transitions from
uncracked to a cracked section. Figure C.31 shows the average slope starts to increase at an applied
moment of 1370 k-ft (or load of 104.3 kips) corresponding to a displacement of 26.7 mm (Midspan
displacement of 23.4 mm in Figure 4.31 is the displacement from moving average). The strain map
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at the instant corresponding to this moment also show very high strains and maps the shape of a
crack (Figure C.32). Thus, the cracking moment for BTE2 is 1370 k-ft.
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Figure C.31: Identifying first instance of cracking of BTE2.

Figure C.32 shows the principal strain map at the cracking moment where high strains can be
observed at the extensometer location indicating either cracking has occurred or is on the verge of
propagating.
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Figure C.32: Principal strain (e1) map at Cracking Moment.

The crack reopening moment can be found using the same procedure as the cracking
moment (Fig. C.33). To avoid influence from accumulated damage from load cycles, the first load
cycle after the appearance of first crack is used to determine the crack reopening moment.
Extensometer elongation was plotted against load for the two extensometers and the point of
divergence was roughly determined. A filtering approach was then used which involves plotting
the stiffness of extensometer elongation/load against midspan displacement to determine the crack
reopening moment. The crack reopening moment was verified with the DIC strain map at the same
instant which shows high strains at the extensometer location marking the reopening of the flexural

crack (Fig. C.34). The crack reopening moment was found to be 995 k-ft.
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Figure C.33: Identifying first instance of crack reopening of BTE2
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Figure C.34: Principal Strain Map (e1) at Cracking Reopening Moment.

The cracking moment and crack reopening moment also agrees with the applied moment

versus extensometer elongation plot as used in previous studies by Azizinamini et al. (1996) and
shown in Figure C.35.
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Figure C.35: BTE2 applied moment versus extensometer elongation with bi-linear approach to
find (a) Cracking Moment (b) Crack Reopening Moment.

The first cracking and crack reopening moments requires careful observation of strain maps
generated in DIC post-processing of the principal strain, €1. Figure C.36 and Figure C.37 show
the initial cracking of the girder and the reopening of the crack, respectively.

-0.000215 0.000745
Prior to cracking: M=1200 k-ft

190



S . 2 7]
» % »
. s L
¥ . v
- ‘
= e e e
e s = P
* -
3 - o

- i*.,

LB

|
-0.00021 0.001

|
-0.00022 0.00352

Post-cracking: M=1565 k-ft
Figure C.36: BTE? principal strain maps (¢1) indicating cracking.
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Figure C.37: BTE? principal strain maps (¢1) indicating crack reopening.

Strain maps for the full DIC field of view between the load plates are provided below. The
principal strain, e1, maps for each of the four cyclic load steps, the four load stages of monotonic
loading, and the ultimate load are provided in Figure C.38. These maps show tensile strains with
strain concentrations around the flexural cracks. Figure C.39 shows the ultimate load strain maps

for axial strains, ex and &y, shear strain, yxy, and principal strains, ¢1 and e>.

192



-0.00021 0.000575 -0.00022 0.00278
Load Stage 1: 100k actuator load

-0.000215 0.000635 -0.00025 0.0057
Load Step 2: 95k actuator load Load Stage 2: 120k actuator load

g <

-0.00025 0.00895
Load Stage 3: 140k actuator load

-0.00026 0.00266
Load Step 3: 115k actuator load

193



-0.00025 0.00645 -0.0003 0.0139
Load Step 4: 130k actuator load Load Stage 4: 160k actuator load

e T e DIC CAPTURE REGION

-0.0004 0.0218
Peak Load: 196k actuator load
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Figure C.39: BTE2 peak load strain maps.

C.3 BTES3 Flexural Testing

The experimental testing of BTE3 began on October 1%, 2021 with load cycles at different load
levels to determine cracking and crack reopening moments. Like BTEZ2, the first load level for
three load cycles reached 75 Kips of actuator load corresponding to 37.5 kips of applied shear and

an applied moment of approximately 985 k-ft. Consistent with previous tests, the trough of the
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linear ramp cycles maintained at least 5 kips of actuator load to ensure no movement in the test
apparatus occurred from spreader beam liftoff. During the three cycles up to 75 kips, there was no
audible or visible cracking of the girder. The next load level reached 95 kips of actuator load
corresponding to 47.5 kips of applied shear and an applied moment of approximately 1250 k-ft.
As with the 75 kip load level, no audible or visible events were observed up to the 95 kip load
level cycles. From 95 Kips the load level was increased to 115 kips of actuator load corresponding
to 57.5 kips of applied shear and an applied moment of 1510 k-ft. During the three cycles to 115
kips, flexural cracking on the beam began and the crack opening and closing was observed. Finally,
the load level increased to 130 kips of actuator load corresponding to 65 kips of applied shear and
an applied moment of 1710 k-ft. Flexural cracks became visible from a distance, and crack
propagation into the web could be observed. Flexure shear cracking started to become visible in
the web near the load plates in the shear spans.

After the load cycles at four load levels, the specimen was monotonically loaded with
several load stages. The first load stage was taken at 100 kips of actuator load. During this load
stage, cracks were marked and measured with a crack comparator and photos were taken of the
specimen. Monotonic loading of the specimen was resumed until the next load stage at 120 Kips
occurred. Both the 100 kip and 120 kip load stages were lower load than the highest cyclic load
level, so no additional cracking was observed during these load stages. The next load stage
occurred at 140 kips of actuator load, and while loading to 140 kips, additional crack opening
could be observed, and flexure shear cracking continued to propagate into the shear spans. The
final load stage occurred at 160 Kips of actuator load. During the loading to 160 Kips, a controller
limit was tripped at 150 Kips that stopped hydraulic flow to the actuator momentarily. Without
hydraulic flow to the actuator, the load reduced to 100 kips before hydraulic supply was restored
and loading continued to 160 kips. As can be seen in the figures that follow there was no
detrimental effect on strength or stiffness. While loading to the 160 kip load stage, more flexural
cracks opened and flexure-shear cracks continued to widen and propagate from the load plates into
the shear span. Consistent with BTE2, load staging was stopped after the 160 kip load stage, and
the specimen was then monotonically loaded to peak. A summary of the cracks marked and

measured at the load stages is provided in Figure C.40.
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Prior to the test, it was decided to stop loading of BTE3 at 184 kips of actuator load to keep
the entire span of BTE3 intact for future end region testing. The 184 kips of actuator load
corresponds to 95% of the lowest peak moment attained in BTE1 and BTE2. Some concrete in the
top flange began to spall off at 180 kips of actuator load which indicates the girder was approaching
a flexural compression failure much like BTEL1 and BTE2. The monotonic loading was stopped

prior to flexural failure at 184 kips of actuator load corresponding to 2420 k-ft of applied moment.
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BTE3 Load Stage 4

Figure C.40: BTE3 load stage crack diagrams (Crack widths are in mm).

The load versus midspan displacement curves for the load cycles and monotonic loading
to peak can be seen in Figure C.41. The maximum deflection of the girder was 5.41 in. at the peak
applied load of 184 Kips. The girder displacement at each of the five string potentiometers along

the span for the monotonic loading can be seen in Figure C.42.
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Figure C.41: BTE3 load versus midspan displacement for load cycles and monotonic loading.
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Displacement at Peak Load

Figure C.42: BTE3 displacement along the length.

In addition to load deflection data, the strains through the depth of the member were
determined using both strain gauges and DIC data. Figure C.43 shows the top and bottom strains
from each set of gauges, set 1 and set 2 throughout the load cycles conducted at four load levels..

++++++++++++++++++++++++++++++++
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Figure C.43: BTE3 strain gauge data through three load cycles at each load level. Bottom

gauge, set 1 (blue), top gauge, set 1 (red), bottom gauge, set 2 (teal), top gauge, set 2 (orange).

As can be seen in Figure C.43 above, the top strains remain elastic throughout the load
cycles, and the bottom gauges indicate cracking of the girder. The bottom gauge on the second set
crossed a crack and shows dramatic increases in strain post cracking. To compare DIC results to
the strain gauge data, points were used at the same location as the first set of strain gauges

corresponding to the girder’s midspan. The results from the DIC points can be seen in Figure C.44.
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Figure C.44: BTE3 DIC point strains at girder midspan through load cycles at each load level.
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Figure C.45: BTE3 strain comparison between DIC point and strain gauge for first cycle up to
115 kips actuator load.

As with the strain gauges, DIC shows that the top strains remain elastic throughout the load
cycles. Bottom strains remain elastic only up to the point of cracking. Cracking corresponds to
change in stiffness observed in Figure C.44. Also, like BTE2, the DIC point near the bottom flange
indicates lower strains at higher actuator loads, so the concrete beneath the point is becoming
debonded at higher strains. The strains from DIC bottom point is compared to the average bottom
strain gauge behavior for the cracking cycle in Figure C.45. The response agrees reasonable well.
To further understand strains through the depth during loading, horizontal extensometers were
used in DIC post-processing at four locations through the depth near midspan. These
extensometers provide longitudinal strains through the depth for each image taken during the test.
The strains through the depth can be seen for each of the four load steps during load cycles, the

four load stages of monotonic loading, and the ultimate load for the girder in Figure C.46.
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Figure C.46: BTE3 DIC horizontal extensometer strain profile.

The longitudinal strains from the DIC extensometers initially indicate a linear distribution
of strains through the depth. Figure C.28 shows that, like BTE2, the strain reading at 15 in. above
the bottom of the girder reads is less than expected for a linear strain variation at loads greater than
130 kips. However, the strain variation from the top to the bottom of the specimen remains linear
when the strains at 15 in. height are omitted.
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Virtual extensometers in DIC post-processing were also used to determine the elongation
across cracks during the load cycles to determine when the crack first opened, when the crack
closed and when the crack re-opened. Before cracking of the specimen, the virtual extensometer
reads elastic elongation of the girder, but at cracking the extensometer elongation increases
suddenly. Upon unloading, extensometer elongation decreases rapidly and when the crack has
closed, the slope of the applied moment-extensometer elongation curve becomes similar to that of
the uncracked section. The virtual extensometer was placed over the first crack that occurred on
the girder, and the location and elongation of the extensometer can be seen in Figure C.29. The

extensometer elongation is a five point moving average of the DIC data.
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Figure C.47: BTES3 first crack virtual extensometer.

Figure C.47 shows the applied moment against extensometer elongation with an offset of
elongation for each cycle. The three cycles for load steps of 75 and 95 kips of actuator load remain
elastic. The first cycle up to 115 kips of actuator load is the first instance of cracking in the girder
because there is a sudden increase in the extensometer’s elongation at the peak load for that cycle.
Figure C.48 highlights on the first cycle up to 115 kips of actuator load, and the transition from
uncracked extensometer elongation to cracked elongation can be seen. However, the determination

of exact point of stiffness change requires careful investigation.
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Figure C.48: BTE3 applied moment versus extensometer elongation showing stiffness change

during cracking.

The cracking moment and crack reopening moment was determined following the
approach outlined for BTE1 and BTE2 where two virtual extensometers were used. The
extensometer E1 was placed on the crack and the E5 placed between cracks. Both the
extensometers are at a distance of 1.75 in from the bottom of girder. The EO and E1 extensometer
elongation was plotted against the applied load. The extensometer placed between cracks provides
measurements of the elastic elongation throughout the loading. The extensometer placed over the
crack provides detailed crack opening and closing data. At a load of 101.4 kips, the extensometer
placed at the location of first crack show a sharp change in elongation (Figure C.49). This sudden
change in elongation occurs when the crack forms. Both the extensometer elongations agree up to
first cracking. The point at which they diverge can be used to determine when first cracking. To
further verify the load at which first cracking occurs, a 20 point moving average of the
extensometer elongation versus load was plotted against the midspan displacement (Figure C.49).
The filtering approach helps make clear when the section transitions from uncracked to a cracked
section. The average slope starts to increase at an applied moment of 1334 k-ft corresponding to a
displacement of 28.0 mm (26.7 mm in Figure C.49 is the moving average value and lower than the
actual displacement) which matches with the corresponding DIC strain map (Figure C.50). The

DIC strain map at this particular instant shows high strains around the extensometer indicating
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either the crack has formed or is on the verge of propagating. Thus, the cracking moment is 1334
k-ft.
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Figure C.49: Identifying first instance of cracking of BTES.
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Figure C.50: Principal strain (e1) map at Cracking Moment

The crack reopening moment was determined in a similar way by placing extensometer EO
on the crack and E4 away from the crack. The crack reopening moment was found to be 991 k-ft
(Figure C.51). The DIC strain map corresponding to an applied moment of 991 k-ft shows high
strains around the extensometer indicating the crack has either reopened up to the height of the

extensometer EO or on the verge of propagating (Figure C.52).
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Figure C.51: Identifying first instance of crack reopening of BTE3.
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Figure C.52: Principal strain (¢1) map at Cracking Reopening Moment

The cracking moment and crack reopening moment also agrees with the applied moment

versus extensometer elongation plot as shown in Figure C.53.
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Figure C.53: BTE3 applied moment versus extensometer elongation with bi-linear approach to

find (a) Cracking Moment (b) Crack Reopening Moment.

The first cracking and crack reopening moments found above are corroborated by strain
maps generated in DIC post-processing of the principal strain, €1. Figure C.54 and Figure C.55

show the initial cracking of the girder and the reopening of the crack, respectively.

0.00025 Prior to cracking: M=1200 k-ft 0.000865

211



-0.00023 0.00071
SR | »;_-;._-7/'. :
I
-0.00028 Post-cracking: M=1550 k-ft 0.00268
Figure C.54: BTE3 principal strain maps (¢1) indicating cracking.
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-0.00017 Post reopening: M=1200 k-ft 0.00118

Figure C.55: BTE3 principal strain maps (¢1) indicating crack reopening.

Strain maps for the full DIC field of view between the load plates are provided below. The
principal strain, e1, maps for each of the four load steps during load cycles, the four load stages of
monotonic loading, and the ultimate load are provided in Figure C.56. These maps show tensile
strains with strain concentrations around the flexural cracks. Figure C.57 shows the peak load

strain maps for axial strains, x and gy, shear strain, yxy, and principal strains, ¢1 and .
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Load Stage 1: 100k actuator load
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= T e A S

-0.00029 0.00188 -0.0004 0.00835
Load Step 3: 115k actuator load Load Stage 3: 140k actuator load
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-0.0005 0.0129
Load Stage 4: 160k actuator load

DIC CAPTURE REGION

-0.0005 0.0187
Peak Load: 184k actuator load
Figure C.56: Principal strain, 1, maps for BTE3.
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€2

-0.0061 0.00315
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Figure C.57: BTE3 peak load strain maps.
C.4 BTE4 Flexural Testing

The experimental testing of BTE4 began on November 5", 2021 with load cycles to determine
cracking and crack reopening moments. Like BTE2, the first load level for the load cycle reached
75 Kips of actuator load corresponding to 37.5 kips of applied shear and an applied moment of

approximately 985 k-ft. Consistent with previous tests, the trough of the linear ramp cycles
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maintained at least 5 kips of actuator load to ensure no movement in the test apparatus occurred
from spreader beam liftoff. During the three cycles up to 75 Kips, there was no audible or visible
cracking of the girder. The next load level was 95 kips of actuator load corresponding to 47.5 Kips
of shear and an applied moment of approximately 1250 k-ft. As with the 75 kip load level, there
was no audible or visible events observed up to the 95 kip load level cycles. From 95 Kips the load
level was increased to 115 kips of actuator load corresponding to 57.5 kips of applied shear and
an applied moment of 1510 k-ft. During the three cycles to 115 kips, flexural cracking on the beam
began and crack opening and closing was observed. Finally, the load level reached 130 kips of
actuator load corresponding to 65 kips of applied shear and an applied moment of 1710 k-ft.
Flexural cracks became visible from a distance, and crack propagation into the web was observed.
Flexure shear cracking started to become visible in the web on either side of the load plates outside
the flexural region.

After the load cycles, the specimen was monotonically loaded with several load stages. The
first load stage was taken at 100 Kips of actuator load. During this load stage, cracks were marked
and measured with a crack comparator and photos were taken of the specimen. Monotonic loading
of the specimen was resumed until the next load stage at 120 kips occurred. Both the 100 kip and
120 kip load stages were lower load than the highest load level that occurred during load cycles,
and so no additional cracking was observed during these load stages. The next load stage occurred
at 140 kips of actuator load, and while loading to 140 kips, additional crack opening was observed,
and flexure shear cracking continued to propagate into the shear spans. The final load stage
occurred at 160 kips of actuator load. While loading to the 160 Kip load stage, crack opening was
observed and flexure-shear cracks continued to widen and propagate. Consistent with BTE2, load
staging was stopped after the 160 kip load stage, and the specimen was then monotonically loaded
to peak. Prior to the test, it was decided to stop loading of BTE4 at 184 kips of actuator load to
keep the entire span of BTE4 intact for future end region testing. The 184 kips of actuator load
corresponds to 95% of the lowest peak moment attained by the previous two girders. The
monotonic loading was stopped prior to flexural failure at 184 kips of actuator load corresponding
to 2420 k-ft of applied moment. A summary of the cracks marked and measured at the load stages

is provided in Figure C.58.
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Figure C.58: BTE4 load stage crack diagrams (Crack widths are in mm).




The load versus midspan displacement curves for the initial load cycles and monotonic
loading to peak can be seen in Figure C.59. The maximum deflection of the girder was 5.64 in. at

the peak applied load of 184 kips.
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= 120 - 180
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Figure C.59: BTE4 load versus midspan displacement for load cycles at each load level and

monotonic loading to peak.

The girder displacement at each of the five string potentiometers along the span for the monotonic
loading can be seen in Figure C.60. The string potentiometers show symmetric distribution along

the length of girder.
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Figure C.60: BTE4 displacement along the length.

In addition to load deflection data, the strains through the depth of the member were
determined using both strain gauges and DIC data. Figure C.61 shows the top and bottom strains
from each set of gauges throughout the load cycles.
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Figure C.61: BTE4 strain gauge data through load cycles. Bottom gauge, set 1 (blue), top gauge,
set 1 (red), bottom gauge, set 2 (teal), top gauge, set 2 (orange).

As can be seen in Figure C.61, the top strains remain elastic throughout the load cycles,
and the bottom gauges indicate cracking of the girder. The bottom gauge on the second set crossed
a crack and shows dramatic increases in strain post cracking. To compare DIC results to the strain
gauge data, points were used at the same location as the first set of strain gauges corresponding to

the girder’s midspan. The results from the DIC points can be seen in Figure C.62.

As with the strain gauges, DIC shows the top strains remain elastic throughout the load
cycles. The strains from DIC point near the bottom flange is compared to the average bottom strain

gauge behavior for the cracking cycle in Figure C.63. The response agrees reasonably well.
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Figure C.62: BTE4 DIC point strains at girder midspan through load cycles.
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Figure C.63: BTE4 strain comparison between DIC point and strain gauge for first cycle to 115
kips actuator load.

To further understand strains through the depth during loading, horizontal extensometers
were used in DIC post-processing at four locations through the depth near midspan. These

extensometers provide longitudinal strains through the depth for each image taken during the test.
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The strains through the depth can be seen for each of the four load steps during load cycles, the

four load stages of monotonic loading, and the ultimate load for the girder in Figure C.64.

++++++++++++++++++++++++++++++++

Level 1
Level 2
Level 3
Level 4
Load Stage 1

é Load Stage 2
%0 Load Stage 3
‘5 20
ﬁ Load Stage 4
15 Peak
10
5
-2 -1 0 1 2 3 4 5

Strain (x10-3)

Figure C.64: BTE4 DIC horizontal extensometer strain profile.

Virtual extensometers in DIC post-processing were also used to determine the elongation
across cracks during the initial load cycles to determine when crack first opens, when the crack
closed and when the crack re-opened. Before cracking of the specimen, the virtual extensometer

reads elastic elongation of the girder, but at cracking the extensometer elongation increases
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suddenly. Upon unloading, extensometer elongation decreases rapidly until the crack is closed.
Then, the slope of the applied moment-extensometer elongation curve becomes similar to that of
the uncracked section. The virtual extensometer was placed over the first crack that occurred on
the girder, and the location and elongation of the extensometer can be seen in Figure C.65. The

extensometer elongation is a five point moving average to of the DIC data.
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Figure C.65: BTEA4 first crack virtual extensometer.

From Figure C.65 with elongation offset for each cycle, the three cycles for load steps of
75 and 95 kips of actuator load are only producing elastic strains in the girder because the lines are
a constant slope. The first cycle up to 115 kips of actuator load is the first instance of cracking in
the girder because there is a sudden increase in the extensometer’s elongation at the peak load for
that cycle. Figure C.66 highlights on the first cycle up to 115 kips of actuator load, and the
transition from uncracked extensometer elongation to cracked elongation can clearly be seen.

However, identifying the exact point of stiffness change requires careful investigation.

2,000 T
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1,200 +
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Applied Moment (k-ft)
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0
0.00 0.05 0.10 0.15 020 025 030

Extensometer Elongation (mm)

Figure C.66: BTE4 applied moment versus extensometer elongation showing stiffness change

during cracking.
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The cracking moment and crack reopening moment was found using the two-fold approach
outlined before for previous BTE specimens. DIC strain map at the instant when the crack first
appeared was captured and a pair of extensometers were placed, one at the crack (E0) and the other
right beside it (E1). This was done to compare how the behavior of extensometer elongation
changes with and without crack. Both the extensometers were at a depth of 1.75 in from the bottom
fiber of the girder. The EO and E1 extensometer elongation was plotted against load. The
extensometer placed between the cracks provide measurements of the elastic elongation
throughout the loading and the extensometer placed over the crack provides more detailed crack
opening and closing data. A sharp change in extensometer elongation of EQ was observed at a load
of 101.7 kips (Figure C.67). This sudden change in elongation occurs when the crack forms. Both
the extensometer elongations agree up to first cracking. After this point they diverge and this can
be used to determine the first instance of cracking. The DIC strain map shows high strains around
the region indicating, either the crack has formed or is on the verge of propagating (Figure C.68a).
A 20 point moving average of the extensometer elongation vs load was then plotted against the
midspan displacement. This filtering approach helps make clear when the section transitions from
uncracked to a cracked section. The average slope starts to increase at an applied moment of 1338
k-ft corresponding to a displacement of 25.0 mm (23.8 mm in Figure C.67 indicates the moving
average value and is lower than the actual displacement) which matches with the corresponding
DIC strain map. Thus, the cracking moment for BTE4 is 1338 k-ft.
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Figure C.67: Identifying first instance of cracking of BTE4.
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(@) Cracking: M=1338 k-ft (b) Crack Reopening: M = 995 k-ft

Figure C.68: Principal strain (1) map at the cracking and crack reopening moment.

The crack reopening moment was determined in a similar way by placing the extensometer
EO near the location where the crack would reopen and the extensometer E1 was placed between
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cracks and then finally verifying with DIC principal strain map (Figure C.68b). The crack
reopening moment was found to be 995 k-ft (Figure C.69).
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Figure C.69: Identifying first instance of crack reopening of BTEA4.

The cracking moment and crack reopening moment also agrees with the applied moment

versus extensometer elongation plot as shown in Figure C.70.
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Figure C.70: BTE4 applied moment versus extensometer elongation with bi-linear approach to

find (a) Cracking Moment (b) Crack Reopening Moment.

As shown for other BTE specimens, the first cracking and crack reopening moments found
above require careful observation of strain maps generated in DIC post-processing of the principal
strain, €1. The strain maps show when the crack first forms, when the crack is closed and when the
crack reopens. It also specifies the location and depth of crack which is used to determine the
cracking and crack reopening moment. Figure C.71 and Figure C.72 show the initial cracking of
the girder and the reopening of the crack, respectively.
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Figure C.71: BTE4 crack opening principal strain maps (e1).
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Figure C.72: BTE4 principal strain maps (¢1) indicating crack reopening.
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Strain maps for the full DIC field of view between the load plates are provided below. The
principal strain, e1, maps for each of the four load steps during load cycles, the four load stages of
monotonic loading, and the ultimate load are provided in Figure C.73. These maps show tensile
strains with strain concentrations around the flexural cracks. Figure C.74 shows the peak load

strain maps for axial strains, x and &y, shear strain, yxy, and principal strains, ¢1 and .
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Figure C.73: Principal strain, &1, maps for BTE4.
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Figure C.74: BTE4 peak load strain maps.
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C.5 Prestress Loss Measurement by Strand Cutting

In addition to assessing prestress loss through flexural testing, several strands in the bottom flange
of the girders were also cut to measure the losses. This test was performed by exposing strands by
removal of cover concrete, applying two strain gauges to one wire of the seven-wire strand, and
severing the strand between the strain gauges with a parting wheel to record the compressive strain
to either side of the cut location. The recorded compressive strain after strand cutting is taken as a
measure of the strand tensile strain prior to cutting for the determination of residual strand stress
and prestress loss. This test was performed near the quarter points on BTE1 and BTE2 because
this location incurred no damage from the flexural testing of the specimens and is at a sufficient
distance from the end to ensure full strand development. The end regions of BTE3 and BTE4,
however, were tested to assess the shear capacity, and it was not possible to do the strand cutting
test after flexural testing of these specimens. The compressive strains taken from the average of
the two strain gauges on each of the three severed strands in BTE1 were: 3.14x1073, 2.62x107, and
3.15x10°. For BTE2 the compressive strains for three severed strands were: 4.58x107%,
3.48x1073, and 3.06x10°3. Using the average compressive strain from three severed strands on
BTEL the prestress loss was found to be 48.3% and using the average compressive strain from
three severed strands on BTEZ2 the prestress loss was found to be 41%. Halsey and Miller (1996)
performed a similar assessment of prestress loss through strand cutting and found the method
produced a higher estimate of prestress loss than the flexural test method. The underestimate of
the residual strand stress from this method is likely due to residual strains in the strand after cutting.
Strain was measured on one of the six wires wound around the king wire, and these wires tend to
unwind after severance, but they retain their spiral shape. This indicates that inelastic strains
remain in the wire which could contribute to the low measured compressive strain in the strain
gauges. The prestress loss found from the strand cutting method is later found to be considerably
higher than the losses determined from the flexural testing. The assessment of prestress loss in

each of the girders from the flexural testing is covered in detail in Chapter 5 of this report.
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APPENDIX D - MAPPING DEFORMATION USING OPTOTRAK DATA

Appendix D shows the displaced shapes from the BTE series of tests using Optotrak data.
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Figure D.1: BTE1 undeformed and deformed shape generated from Optotrak data.
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Figure D.2: BTE2 undeformed and deformed shape generated from Optotrak data.
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Figure D.3: BTE3 undeformed and deformed shape generated from Optotrak data.
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APPENDIX E

E.1 Prestress Losses according to AASHTO LRFD following Refined Method for Long-

Term Losses

Girder Properties

Reference/ Note

From response drawing - Bonner Bridge midspan cross

composite section

. - L2
Gross area of section AF 559.5 in section, Pg-53
Girder volume (including ends) V= 430160 in®
Girder surface area S= 100555 in®
CenFrmd of gross area from bottom (mid - v 203 in
section)
Steel centroid dist. to bottom en= 6.68 in 36 strands at bottom and 2 at top - see strain profile
Eccentricity of strand €= 136 in Vg m
Area of prestressing steel o= 4.1 in? *38, 7/16" strand
Modulus of elasticity for prestressing steel Ep= 28500 ksi AASHTO LRFD 5.4.4.2, Pg-33
Specified tensile strength of prestressing P 250 ks Bonner drawings, Back calculate from prestressing
steel P force in each strand, AASHTO LRFD 5.4.4.1, Pg- 33
Moment of inertia of gross concrete secction
about centroidal axis neglecting the 1= 125390 in
reinforcement
Design concrete strength of girder f= 5 ksi From NCDOT load rating file
Design concrete compressive strength at time
of prestressing for pretensioned members and
at time of initial loading for r!onpres.trgs'sed fim 4 ks AASHTO LRFD 5.4.2.3.2, Pg -28
members. If concrete age at time of initial
loading is unknown at design time, f'ci may
be taken as 0.80 f'c (ksi).
Unit weight of concrete W= 0.145 kef AASHTO LRFD 5.4.2.4 & C5.4.2.4, Pg-30
Modulus of Elasticity for normal weight E= 1291 ks AASHTO LRFD 5.4.2.4, Pg-30
concrete (girder)
Mpdulus of elasticity of concrete at transfer E- 3087 ksi AASHTO LRFD (C5.9.3.2.32)
(girder)
Deck Properties
. . i Girder to girder spacing - 96", Strucural Slab thickness
- = 2
Girder Deck Cross -section Ay 672 in 7in . Pg -51 of Bonner Drawing
Avrea of Haunch A= 24 in? Thickness - 1.5"
Volume of Deck + Haunch V= 510864 in®
D_eck Surface Area excluding girder and 5= 139299 in?
diaphragm contact area
Deck centroid dist. to bottom = 50 in
Compressive strength of deck e deck= 3 ksi From NCDOT load rating file; AASHTO 8.15.2.1.1
Compressive strength of deck at transfer i deck™ 2.4 ksi Taken as: 0.8f, ; AASHTO LRFD 5.4.2.3.2, Pg -28
Unit weight of concrete W deck™ 0.145 kef 5.4.2.4 & C5.4.2.4, Pg-30
Modulus of Elasticity for normal weight _ .
concrete (deck/haunch) Ex dock™ 3625 ksi AASHTO LRFD 5.4.2.4, Pg-30
Eccentricity of deck with respect to the gross 64= 14.6 in AASHTO LRFD 5.9.3.4.3d, Pg-150;
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Composite Section Properties

Total area of the composite section A= 1148 in’
Composite section volume V= 861774 3 Use modular ratio due to difference in concrete deck
P in and girder strength to calculate composite volume;
o= 218716 L Use modular ratio due to difference in concrete deck
Composite section surface area n and girder strength to calculate composite volume;
Centroid of composite section _ 354 in Use gross area of girder and use gross area of deck
P Y= ) multiplied by modular ratio;
Distance between centroid of bottom steel _ .
. . . pc= 28.8 in
and centroid of composite section
Moment of inertia of the composite section I= 378476 in*
Elastic Losses
AFe5=(EyEc)*Tegp Eq.5.9.3.2.3a-1
fugp =T A LAY+, /1T Moyl *iterate
Prestressing steel stress immediately prior to = 175 ksi
transfer
Moment due to self-weight (girder only) Mg= 276 k-ft
NCDOT uses the full jacking stress as the initial strand
Concrete stress at the center of gravity of stress and use it to calculate initial value of f.g,.
prestressing tendons due to the prestressing According to NCSU Final Report - Predicting Camber,
force immediately after transfer and the If composite section properties are used iteration is not
selfweight fegp= 181 ksi necessary but if gross cross section properties are used,
of the member at the section of iteration is necessary. Ref for calculation procedure:
maximum moment ASSHTO LRFD 5.9.3.2.3a, Pg-142; AASHTO
Evaluation example, Pg-110; PCI Bridge Design
Manual Pg -580,581; NCSU Final Report - Page -129
fon™ 162 ks! *for iterating on f.g,, us goal seek to set A to zero by
fonea= 162 ksi changing f,, (avg. strand tensile stress)
= 0 ksi 9INg Ton (&YG- )
M.odulus of elasticity of concrete at transfer E.~Es 3987 ksi 5.9.3.2.3a, Pg-142
(girder)
Loss due to elastic shortening in AF.oem 12.96 Ksi 5.9.3.2.3a, Pg-142, Alternate equation, 5.9.3.2.3b, Pg-
pretensioned members PES™ : 143.

Long-term Loss

AFp r=(AfysrtAfycrtAfpre)igH (AfuspTAfocptAfro-Afyss)er |EQ. 5.9.3.4.1-1
Afysr=epidEpKig Eq.5.9.3.4.2a-1
. . - - Figure 5.4.2.3.3-1—Average Annual Ambient Relative
Average annual ambient relative humidity H= 75 % Humidity Hfmidity, in Percent, Pg-zg
Age of concrete at time of load application t= 0.75 days AASHTO LRFD C5.9.3.4.2c, Pg-148
Age of concrete at deck placement t4= 120 days AASHTO LRFD C5.9.3.4.2c, Pg-148
Final age of concrete t= 20440 days Built in 1963, demolished in 2019, Lifetime 56 years
Factor for the effect of volume-to-surface ke 1.00 Value = 0.89 <1; So take 1.00, AASHTO LRFD
ratio s ) 5.4.2.3.2-2, Pg-28
Humidity factor for shrinkage Kns= 0.95 AASTHO LRFD 5.4.2.3.3-2, Pg-29
Factor for the effect of concrete strength = 1.00 AASHTO LRFD 5.4.2.3.2-4, Pg-28
Time development factor at deck placement Kigg= 0.74 5:4.2.3.2-5, Pg-28; for , use difference between time of
deck placement and time of transfer
Concrete shrinkage strain of girder between
the time of transfgr and deck%lacement Ehid™ 0.000337 AASHTOLRFD 5.4.2.33-1, Pg-29
Humidity factor for creep kne= 0.96 AASHTO LRFD 5.4.2.3.2-3, Pg -28
Time Development Factor at final age of - 1.00 "¥to final time, use with Wy (tg,t)"; AASHTO LRFD
concrete wr ) 5.4.2.3.2-5, Pg-28
Egg:’;gcl:ifg di‘c’:;fgignff:rna' tmedueto |y, (t,t)= 188 AASHTO LRFD 5.4.2.3.2-1, Pg-27
Transformed section coefficient that
accounts for time-dependent interaction
between concrete and bonded steel in the Kig= 0.82 AASHTO LRFD 5.9.3.4.2a-2, Pg-147
section being considered for time period
between transfer and deck placement
Prestress loss due to shrinkage of girder
concrete between time of transfer and Afysr= 7.9 ksi AASHTO LRFD 5.9.3.4.2;
deck placement
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AprR: (Ep/Ecl)fcgp\Pb(td vti) Kid

Eq.5.9.3.4.2b-1

Concrete stress at the center of gravity of
prestressing tendons due to the prestressing

force immediately after transfer and the selfweight fog= 1.81 ksi
of the member at the section of
maximum moment
Girder creep coefficient at time of deck . .
placement due to loading introduced at Wo(ta t)= 1.395 AASHTO L:F? 5'4'2'3'2_1':39_?8' _k'd should be time
transfer between deck placement and loading;
Transformed section coefficient that
accounts for time-dependent interaction
between concrete and bonded steel in the Kig= 0.82 AASHTO LRFD 5.9.3.4.2a-2, Pg-147
section being considered for time period
between transfer and deck placement
Prestress loss due to creep of girder
concrete between transfer and deck Afycr= 14.8 ksi AASHTO LRFD 5.9.3.4.2b-1, Pg - 148
placement
Afora=(fo/ KO [(Fo/Foy)-0.55] Eq.5.9.3.4.2¢c-1
Yield strength of prestressing steel fo= 2125 Table 5.4.4.1-1 AASHTO LRFD
Stress in prestressing strands immediately after _ . . . o
transfer, taken not less than 0.55fpy o= 162.0 ksi see f,, above in fg, calculation
Factor accounting for type of steel taken as 30 AASHTO LRFD 5.9.3.4.2¢ Pg-148, stress-relieved
for low relaxation strands and 7.0 for other K= 7.0 strands R !
prestressing steel
Prestress loss due to relaxation of prestressing
strands between time of transfer and deck Afpri= 49 ksi AASHTO LRFD 5.9.3.4.2c, Pg-148
placement
Afysp=epaEpKer Eq.5.9.3.4.3a-1

Factor for the effect of volume-to-surface ratio ke= 1.00 ?ﬂ?;i?nszste:kglidgg volume and surface area, Value
Humidity factor for shrinkage Kns= 0.95 AASTHO LRFD 5.4.2.3.3-2, Pg-29
Factor for the effect of concrete strength k= 1.00 AASHTO LRFD 5.4.2.3.2-4, Pg-28

AASHTO LRFD 5.4.2.3.2-5, Pg-28, use difference
Time development factor between deck placement oo 100 between final age and age at deck placement; or use
and final age tddf= : difference between final age and initial to find e,y and

then determine eyg¢; Kigar = 1.00; kygr = 1.00
Shrinkage strain of girder between the time of _
transfer and final time i 0.000455
Shrinkage strain of girder between time of deck AASHTO LRFD 5.4.2.3.3-1, Pg-29; for eyigse kiq at
placement and final time £pdf= 0.000118 gsngl age of concrete, PCI Bridge Design Manual Pg-
Transformed section coefficient that accounts
for time-dependent interaction between
concrete and bonded steel in the section being = 0.83 AASHTO LRFD 5.9.3.4.3a-2, Pg -149
considered for time period between deck
placement and final time
Prestress loss due to shrinkage of girder Afyeo= 28 Ksi AASHTO LRFD 5.9.3.4.3a-1, Pg-149

concrete between time of deck placement and
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Aty cp=(Ep/Eci)fegpl Vot t)-Po(ta, )1 Kar (Ep/E) Afeg Pt ta) Kot

Eq.5.9.3.4.3b-1

= (AP/A)+H(APey )-(Mgpell)

Girder Creep Coefficient at final time due to loading

t; = 20440, t; = 0.75; AASHTO LRFD 5.4.2.3.2-1, Pg-

introduced at transfer Foltot)= 188 27

Girder creep coefficient at time of deck

placement due to loading introduced at Wy (ty,ti)= 1.40 ty = 120, t; =0.75; AASHTO LRFD 5.4.2.3.2-1, Pg-27

transfer

Girder creep coefficient at final time due to _ t; = 20440, t; =120; AASHTO LRFD 5.4.2.3.2-1, Pg-
) Wy(tty)= 1.03

loading at deck placement 27

Transformed section coefficient that accounts

for time-dependent interaction between

concrete and bonded steel in the section being Ky 0.83 AASHTO LRFD 5.9.3.4.2a-2, Pg-147

considered for time period between deck

placement and final time

Prestress loss to deck laying AP= -113.2 kips

Moment from Deck self weight + Haunch M= 362 k-ft

Moment due to Haunch M= 11.3 k-ft

Moment due to Diaphragm My= 39.8 k-fit

Moment due to Barrier Weight My= 53.2 k-ft

Moment due to Future Wearing Course Mys= 79 k-ft

Change in concrete stress at centroid of

prestressing strands due to long-term

losses between transfer and deck Af4= -0.98 Pg -680, PCI Design Manual

placement, combined with deck weight and

superimposed loads

Change in prestress (loss is positive, gain is

;iﬁ:ﬂve) due to creep of girder concrete between Afyep= 032 ksi AASHTO LRFD 5.9.3.4.3b, Pg-149

of deck placement and final time

Prestress loss due to relaxation of prestressing

strands in composite section between time of Afpro= 4.9 Kksi Eqg. 5.9.3.4.3c-1, Pg-150

deck placement and final time

oss=(Ep/Ec)AfearKarl 1+0.7¥ (1, )] Eq. 5.9.3.4.3d-1
Afeg{(€qaAdEc decd/[1+0.7¥ 3t ta) I I(LVA)-(Epce/1)]  |EQ. 5.9.3.4.3d-2
Factor for the effect of volume-to-surface ratio k= 1.00 Value = 0.975 <1, So take 1.00, AASHTO LRFD
(Deck) i ' 5.4.2.3.2-2, Pg-28
Humidity factor for shrinkage Kns= 0.95 AASTHO LRFD 5.4.2.3.3-2, Pg-29
Factor for the effect of concrete strength k= 1.47 AASHTO LRFD 5.4.2.3.2-4, Pg-28
Time development factor between deck placement ko= o7 AASHTO LRFD 5.4.2.3.2-5, Pg-28, use difference
and time at transfer tdd= ' between age at deck placement and time at transfer
Time development factor between final age and time ko= 1.00 AASHTO LRFD 5.4.2.3.2-5, Pg-28, use difference
at transfer al ' between final age and time at transfer
Time development factor between deck placement _ AASHTO LRFD 5.4.2.3.2-5, Pg-28, use difference
. Kiga= 1.00 X

and final age between final age and age at deck placement
Shrinkage straln. of deck between time of deck - 0.000669 AASHTO LRFD 5.9.3.4.3d, Pg-150;
placement and final age
Shrinkage stram_ of girder between time of deck - 0.000477 AASHTO LRFD 5.9.3.4.3d, Pg-150;
placement and time at transfer
Shrlqkage strain of girder between final age - 0.000669 AASHTO LRFD 5.9.3.4.3d, Pg-150;
and time at transfer
Shrinkage strain of deck between time of deck

g ) ) £4a= 0.000192 AASHTO LRFD 5.9.3.4.3d, Pg-150;
placement and final age
Humidity factor for creep kne= 0.96
Creep coefficient of deck concrete at final
time due to loading introduced shortly after _ t; = 20440, t; =120; AASHTO LRFD 5.4.2.3.2-1, Pg-

. . Waltete)= 152

deck placement (i.e. overlays, barriers, 27
etc.) per Eq. 5.4.2.3.2-1
Change in concrete stress at centroid of
prestressing strands due to shrinkage of Afeg= -0.19 ksi AASHTO LRFD 5.9.3.4.3d-2, Pg-150
deck concrete
Prestress gain due to shrinkage of deck in Afyes= 18 ksi AASHTO LRFD 5.9.3.4.3d-1, Pg-150
composite section P
Refined Estimates of Time-Dependent Losses AF, 1= 33.2 ksi AASHTO LRFD Eq. 5.9.3.4.1-1
Total Prestress Loss AFpr= 46.2 ksi AASHTO LRFD Eg. 5.9.3.1-1




Total Losses at Service Loads

Elastic gain due to deck weight, superimposed dead

load and live load (Service I11)

:EO':ZUC gain due to deck weight, superimposed dead 33 Kksi Article 9.1b.6.6, PCI Bridge Design Manual
Elastic gain due to live load (Service I11) 5.4 ksi Article 9.1b.6.6, PCI Bridge Design Manual
Elastic gain 8.7 Ksi

Effective stress in strands after all losses and gains foe 137.6 ksi

Prestressing stress limit at service limit state 0.8fyy 170.0 ksi foe < 0.8f,y; 0K

Effective stress in strands after all losses and 1321

permanent gains foe )

Force per strand without live load gains 14.3 Kips

Total prestressing force after all losses 542.3 Kips

Final loss percentage 214 % total losses and gains/ f

Final loss percentage without prestressing gains at 26.4 % total losses/ T,

deck placeemnent

Final loss percentage without live load gains 23.3

E.2 Prestress Losses according to AASHTO LRFD, following Refined Method for Long -

Term Losses and using NCDOT Assumptions

Girder Properties Reference/ Note
Gross area of section A& 559.5 in? From response drawing - Bonner Bridge midspan cross-section, Pg-53
Girder volume (including ends) V= 430160 in®
Girder surface area S= 100555 in
Centroid of gross area from bottom (mid -section) Vo= 20.3 in
Steel centroid dist. to bottom en= 6.68 in 36 strands at bottom and 2 at top - see strain profile
Eccentricity of strand €= 136 in Yo Yo
Area of prestressing steel Aps= 4.1 in? *38, 7/16" strand
Modulus = 28500 Ksi AASHTO LRFD 5.4.4.2, Pg-33

of elasticity for prestressing steel

Bonner drawings, Back calculate from prestressing force in each strand, AASHTO

Specified tensile strength of prestressing steel fou= 250 ksi LRFD 5.4.4.1, Pg- 33
Moment of inertia of gross concrete secction about centroidal axis _ g

. . l= 125390 in
neglecting the reinforcement
Design concrete strength of girder f= 5 ksi From NCDOT load rating file
Design concrete compressive strength at time of prestressing for
pretensioned members and at time of initial I.oadlng. f[,)r. , fu= 4 Ksi AASHTO LRFD 5.4.2.3.2, Pg -28
nonprestressed members. If concrete age at time of initial loading
is unknown at design time, f'ci may be taken as 0.80 f'c (ksi).
Unit weight of concrete W= 0.145 kef AASHTO LRFD 5.4.2.4 & C5.4.2.4, Pg-30
Modulus of Elasticity for normal weight concrete (girder) E~= 4291 ksi AASHTO LRFD 5.4.2.4, Pg-30
Modulus of elasticity of concrete at transfer (girder) Eg= 3987 ksi AASHTO LRFD (C5.9.3.2.3a)

Deck Properties

Girder to girder spacing - 96", Slab thickness - 7.25 in which includes 0.25 in

Girder Deck Cross -section As= 672 in’ wearing course, Pg -51 of Bonner Drawing

Area of Haunch An= 24 in? Thickness - 1.5"

\VVolume of Deck + Haunch V= 510864 in®

Deck Surface Area excluding girder and diaphragm contact area S= 139299 in?

Deck centroid dist. to bottom Vo= 50 in

Compressive strength of deck o deck™ 3 ksi From NCDOT load rating file; AASHTO 8.15.2.1.1
Compressive strength of deck at transfer i deck= 2.4 ksi Taken as: 0.8f, ; AASHTO LRFD 5.4.2.3.2, Pg -28
Unit weight of concrete W, geck™ 0.145 kef 5.4.2.4 & C5.4.2.4, Pg-30

Modulus of Elasticity for normal weight concrete (deck) Ee deck™ 3625 ksi AASHTO LRFD 5.4.2.4, Pg-30

Eccentricity of deck with respect to the gross composite section €= 14.6 in AASHTO LRFD 5.9.3.4.3d, Pg-150;
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Composite Section Properties

Total area of the composite section A= 1148 in
Composite section volume V= 861774 i Use mogular ratlo_ due to difference in concrete deck and girder strength to calculate
composite volume;
_ o Use modular ratio due to difference in concrete deck and girder strength to calculate
. . S= 218716 in )
Composite section surface area composite volume;
Centroid of composite section Y= 354 in Use gross area of girder and use gross area of deck multiplied by modular ratio;
Distance between centroid of bottom steel and centroid of .
) : €= 28.8 in
composite section
Moment of inertia of the composite section = 378476 in'
Elastic Losses
AFee=(Ey/Ee)* e Eq.5.9.3.2.3a-1
=EALLA)+HE 1)]-(Many/lo) *iterate
Prestressing steel stress immediately prior to f= 175 Ksi
transfer
Moment due to self-weight (girder only) Mg= 275.98 k-ft
NCDOT uses the full jacking stress as the initial strand stress and use it to calculate
Concrete stress at the center of gravity of prestressing tendons initial value of f.g,. According to NCSU Final Report - Predicting Camber, If
due to the prestressing force immediately after transfer and the £ - 181 i composite section properties are used iteration is not necessary but if gross cross
selfweight oo ' section properties are used, iteration is necessary. Ref for calculation procedure:
of the member at the section of maximum moment ASSHTO LRFD 5.9.3.2.3a, Pg-142; AASHTO Evaluation example, Pg-110; PCI
Bridge Design Manual Pg -580,581; NCSU Final Report - Page -129
fon 162 ksi — . .
- *for iterating on fg,, us goal seek to set A to zero by changing f,, (avg. strand tensile
fons1= 162 ksi tress)
= 0 ksi )
Modulus of elasticity of concrete at transfer (girder) E4=Eq= 3987 ksi 5.9.3.2.3a, Pg-142
Loss due to elastic shortening in pretensioned members AFpes= 12.96 ksi 5.9.3.2.3a, Pg-142, Alternate equation, 5.9.3.2.3b, Pg-143.

Long-term Loss

AFy =(AfysptAfycrtAogy)igH(AfysptAfyeptAfore-Afyss)yr |EQ. 5.9.3.4.1-1
Afysr=e0igE,Kig Eq.5.9.3.4.2a-1
Average annual ambient relative humidity H= 75 % Humidity Figure 5.4.2.3.3-1—Average Annual Ambient Relative Humidity, in Percent, Pg-29
Age of concrete at time of load application ti= 1 days AASHTO LRFD C5.9.3.4.2c, Pg-148
Age of concrete at deck placement 4= 90 days AASHTO LRFD C5.9.3.4.2¢, Pg-148
Final age of concrete t= 20000 days Built in 1963, demolished in 2019, Lifetime 56 years
Factor for the effect of volume-to-surface ratio = 1.00 Value = 0.89 <1; So take 1.00, AASHTO LRFD 5.4.2.3.2-2, Pg-28
Humidity factor for shrinkage K= 0.95 AASTHO LRFD 5.4.2.3.3-2, Pg-29
Factor for the effect of concrete strength k= 1.00 AASHTO LRFD 5.4.2.3.2-4, Pg-28
Time development factor at deck placement K= 068 Z:nifirzs Pg-28; for t, use difference between time of deck placement and time of
Concrete shrinkage strain of girder between _
the time of transfer and deck placement Bhid™ 0.000310 AASHTO LRFD 5.4.2.33-1, Pg-29
Humidity factor for creep Kpe= 0.96 AASHTO LRFD 5.4.2.3.2-3, Pg -28
Time Development Factor at final age of concrete k= 1.00 "*to final time, use with Wy(tst;)"; AASHTO LRFD 5.4.2.3.2-5, Pg-28
Girder Creep Coefficient at final time due to loading introduced Wyltot)= 182 AASHTO LRFD 5.4.2.3.2-1, Pg-27
at transfer
Transformed section coefficient that accounts for time-dependent
interaction between concrete and bonded steel in the section
. X . - = 0.82 .9.3.4.2a-2, Pg-

being considered for time period between transfer and deck Kid AASHTO LRFD 59.3.4.28-2, Pg-147
placement
Prestress loss due to shrinkage of girder _ " X
concrete between time of transfer and deck placement Afpse= 2 ksi AASHTO LRFD 5.9.3.42;

A= E/Ee) eVt t)Kig Eq.5.934.20-1
Concrete stress at the center of gravity of prestressing tendons
due to the prestressing force immediately after transfer and the _ .

. fegp= 1.81 ksi

selfweight
of the member at the section of maximum moment
Girder creep coefficient at time of deck placement due to loading Pt )= 1239 AASHTO LRFD 5.4.2.3.2-1, Pg-28; k4 should be time between deck placement and
introduced at transfer B ’ loading;
Transformed section coefficient that accounts for time-dependent
interaction between concrete and bonded steel in the section _
being considered for time period between transfer and deck Kig= 082 AASHTO LRFD 5.9.34.22-2, Pg-147
placement
Prestress loss due to creep of girder concrete between AMyor= 132 Ksi AASHTO LRFD 5.9.3.4.2b-1, Pg - 148
transfer and deck placement

Afyry=(F/ KO [(Fy/f,,)-0.55] Eq.5.9.3.4.2c-1
Yield strength of prestressing steel Toy 2125 Table 5.4.4.1-1 AASHTO LRFD
Stress in prestressing strands immediately after _ . e . —
ransfer, taken not less than 0.55fpy for= 162.0 ksi see T, above in f.g, calculation’
Factor accounting for type of steel taken as 30
for low relaxation strands and 7.0 for other K= 7.0 AASHTO LRFD 5.9.3.4.2c Pg-148, stress-relieved strands
prestressing steel
Prestress loss due to relaxation of prestressing A= 49 Ksi AASHTO LRFD 5.9.3.4.2¢, Pg-148

strands between time of transfer and deck placement

248




Afysp=enaEoKar

Eq.5.9.3.4.3a-1

Factor for the effect of volume-to-surface ratio k= 1.00 Calculation used girder volume and surface area, Value = 0.89 <1; So take 1.00
Humidity factor for shrinkage K= 0.95 AASTHO LRFD 5.4.2.3.3-2, Pg-29
Factor for the effect of concrete strength k= 1.00 AASHTO LRFD 5.4.2.3.2-4, Pg-28
AASHTO LRFD 5.4.2.3.2-5, Pg-28, use difference between final age and age at
Time development factor between deck placement and final age Kiga= 1.00 deck placement; or use difference between final age and initial to find e,y and then
determine epys; Kiggr = 1.00; kygs = 1.00
Shrinkage strain of girder between the time of transfer and final
e g g = 0.000455
Shrinkage strain of girder between time of deck o= 0.000145 AASHTO LRFD 5.4.2.3.3-1, Pg-29; for ey use k4 at final age of concrete, PCI
placement and final time il : Bridge Design Manual Pg-639
Transformed section coefficient that accounts for time-dependent
Lr;tier:;ctlon between concrete and bonded steel in the section K= 083 AASHTO LRFD 5.9.3.4.3-2, Pg 149
considered for time period between deck placement and final time
Prestress loss due to shrinkage of girder Ayp= 24 Ksi AASHTO LRFD 5.9.3.4.3a-1, Pg-149

concrete between time of deck placement and final time,

Afyep=(Ep/Eci)f

ool Pt )Wt 6) [ Kt (Ep/E) Afed Py (tr ta) K

Eq.5.9.3.4.3b-1

Af;

= (AP/AQ+(APey, N1)-(Mggeod/1,)

Girder Creep Coefficient at final time due to loading introduced

W(tet)= 1.82 t; = 20440, t;= 0.75; AASHTO LRFD 5.4.2.3.2-1, Pg-27
at transfer
erder creep coefficient at time of deck placement due to loading Py(t)= 124 t, = 120, t, =0.75: AASHTO LRFD 5.4.2.3.2-1, Pg-27
introduced at transfer
Girder creep coefficient at final time due to loading at deck Py(tt)= 107 = 20440, t, =120; AASHTO LRFD 5.4.2.3.2-1, Pg-27
placement
Transformed section coefficient that accounts for time-dependent
Ln;ﬂrgctmn between concrete and bonded steel in the section Ky= 083 AASHTO LRFD 5.9.3.4.23-2, Pg-147
considered for time period between deck placement and final time
Prestress loss to deck laying AP= -104.1 kips
Moment from deck self weight M= 362 k-ft
Moment due to Haunch M= 11.3 k-ft
Moment due to Diaphragm My= 39.8 k-ft
Moment due to Barrier Weight Mp= 53.2 k-ft
Moment due to Wearing Course M= 79 k-ft
Change in concrete stress at centroid of prestressing strands due
to long-term losses between transfer and deck placement, Af = -1.00 Pg -680, PCI Design Manual
combined with deck weight and superimposed loads
Change in prestress (loss is positive, gain is
negative) due to creep of girder concrete between time Afpcp= 0.4 ksi AASHTO LRFD 5.9.3.4.3b, Pg-149
of deck placement and final time
Afyrp=Afory
Prestress loss due to relaxation of prestressing strands in
composite section between time of deck placement and final Afyro= 49 ksi Eq. 5.9.3.4.3c-1, Pg-150
time
Afpss=(Ey/E)AfegeKa 110.7 Py (tr.ta)] Eg.5.9.3.4.3d-1
Afg={(EaarPAdEc dec)/[110. 7%t ta) I} (/A -(epca/10)] Eqg.5.9.3.4.3d-2
Factor for the effect of volume-to-surface ratio (Deck) k= 1.00 Value = 0.975 <1; So take 1.00, AASHTO LRFD 5.4.2.3.2-2, Pg-28
Humidity factor for shrinkage Kns= 0.95 AASTHO LRFD 5.4.2.3.3-2, Pg-29
Factor for the effect of concrete strength k= 1.47 AASHTO LRFD 5.4.2.3.2-4, Pg-28
Time development factor between deck placement and time at K= 065 AASHTO LRFD 5.4.2.3.2-5, Pg-28, use difference between age at deck placement
transfer ™ ’ and time at transfer
Time development factor between final age and time at transfer Kig= 1.00 12':‘;:1—0 LRFD 5.4.2.3.2-5, Pg-28, use difference between final age and time at
Time development factor between deck placement and final age Kear= 1.00 AASHTO LRFD 5.4.2.3.2-5, Pg-28, use difference between final age and age at
deck placement
Shrinkage straln_ of deck between time of deck - 0.000669 AASHTO LRFD 5.9.3.4.3d, Pg-150;
placement and final age
Shrinkage stram. of girder between time of deck - 0000434 AASHTO LRFD 5.9.3.4.3d, Pg-150;
placement and time at transfer
Shnn_kage strain of girder between final age - 0.000669 AASHTO LRFD 5.9.3.4.3d, Pg-150;
and time at transfer
Shrinkage strain of deck between time of deck
) 2 Ega— 0.000235 AASHTO LRFD 5.9.3.4.3d, Pg-150;
placement and final age’
Humidity factor for creep Kne= 0.96
Creep coefficient of deck concrete at final
time cue to loading introduced shorty after Wyltto)= 157 = 20440, t; =120; AASHTO LRFD 5.4.2.3.2-1, Pg-27
deck placement (i.e. overlays, barriers,
etc.) per Eq. 5.4.2.3.2-1
Change in concrete stress at centroid of
prestressing strands due to shrinkage of Afy= -0.18 ksi AASHTO LRFD 5.9.3.4.3d-2, Pg-150
deck concrete
Prestress gain due to shrinkage of deck in Afyss= 18 ksi AASHTO LRFD 5.9.3.4.3d-1, Pg-150
composite section
Refined Estimates of Time-Dependent Losses AFp = 32.3 Ksi AASHTO LRFD Eq. 5.9.3.4.1-1
Total Prestress Loss AF,r= 453 Kksi AASHTO LRFD Eq. 5.9.3.1-1
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Total Losses at Service Loads

Elastic gain due to deck weight, superimposed dead load and live

load (Service I11)

Elastic gain due to deck weight, superimposed dead load 33 ksi Article 9.1b.6.6, PCI Bridge Design Manual
Elastic gain due to live load (Service 111) 5.4 ksi Article 9.1b.6.6, PCI Bridge Design Manual
Elastic gain 8.7 Kksi

Effective stress in strands after all losses and gains e 138.5 Ksi

Prestressing stress limit at service limit state 0.8,y 170.0 ksi foe < 0.8f,y, 0K

Effective stress in strands after all losses and permanent gains foe 133.0

Force per strand without live load gains 144 Kips

Total prestressing force after all losses 545.9 Kips

Final loss percentage 20.9 % total losses and gains/ i

Final loss percentage without prestressing gains at deck 25.9 % total losses .,

placeemnent P

Final loss percentage without live load gains 22.8

Prestress losses specifically calculated for BTE1, BTE2, BTE3 and BTE4 using measured material
properties follows the exact method except the design values are replaced with the former.

E.3 Prestress losses following AASHTO LRFD Lum Sump Method

Lump Sum Estimate of Losses (4th Edition of AASHTO LRFD)

Losses due to Elastic Shortening

Item Notation | Value Unit Reference/Note
Area of prestressing steel A= 41 in® 2648 mm’®  |*38, 7/16" strand
fr;er::fsmg steel stress immediately prior to = 1875 ksi 1203 MPa
Gross area of section S 559.5 in® 360967 mm? |From response drawing - Bonner Bridge midspan cross-section, Pg-53
Centroid of gross area from bottom (mid -section) Vo= 20.3 in 516 mm
Steel centroid dist. to bottom Yo= 6.68 in 170 mm |36 strands at bottom and 2 at top - see strain profile
Eccentricity of strand en= 13.6 in 346 mm
Design concrete strength of girder f= 5 ksi 34 MPa |From NCDOT load rating file

Design concrete compressive strength at time of
prestressing for pretensioned members and at
time of initial loading for nonprestressed

members. If concrete age at time of initial fo= 4 ksi B MPa  |AASHTO LRFD 54.2.3.2, Pg -28

loading is unknown at design time, f’ci may be

taken as 0.80 f'c (ksi).

Unit weight of concrete W= 0.145 kef AASHTO LRFD 5.4.2.4 & C5.4.2.4, Pg-30
Modulus of Elasticity for normal weight concrete (girder) E-= 4291 ksi 29587 MPa |AASHTO LRFD 5.4.2.4, Pg-30

Modulus of elasticity of concrete at transfer (girder) Eq= 3987 ksi 27486 MPa |AASHTO LRFD (C5.9.3.2.3a)

Modulus of elasticity for prestressing steel Ep= 28500 ksi 196501 MPa |AASHTO LRFD 5.4.4.2, Pg-33

Moment of inertia of gross concrete secction about

_ .4 . + 4
centroidal axis neglecting the reinforcement Iy 125390 n 5.228+10 mm

Girder volume (including ends) V= | 430160 in® 7.05E+09 mm®
Moment due to self-weight (girder only) Mg= 276 k-ft 3.74E+08 | N-mm
Loss due to efastic shortening in pretensioned AFpes= | 16.20 ksi 112 MPa  |Alternate equation, 5.9.3.2.3b, Pg-143.
members

Approximate Estimate of Time-Dependent Losses
Average annual ambient relative humidity (percent) H= 75 %
Correction factor for relative humidity of the ambient air V= 0.95 AASHTO LRFD 5.9.3.3, Eg- 5.9.3.3-2, Pg-145
Correction factor for specified concrete strength at time of . 1.012 AASHTO LRFD 5.9.3.3, Eq- 5.9.3.3-3, Pg-145
prestress transfer to the concrete member
Relaxation Loss Afr= | 10.15 ksi 70 MPa |AASHTO LRFD 5.9.3.3, Pg-145
Long-Term Prestress Loss Afp = 35.0 ksi 241 MPa |AASHTO LRFD 5.9.3.3, Eg- 5.9.3.3-1, Pg-145
Total Prestress Loss AF, = 51.2 Ksi 353 MPa |AASHTO LRFD Eq. 5.9.3.1-1
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Lump Sum Estimate of Losses (9th Edition of AASHTO LRFD)

Losses due to Elastic Shortening

Item Notation | Value Unit Reference/Note
Area of prestressing steel Aps= 4.1 in®  |*38, 7/16" strand
Prestressing steel stress immediately prior to f,= 175 ksi
transfer p
Gross area of section AgF 559.5 in®  |From response drawing - Bonner Bridge midspan cross-section, Pg-53
Centroid of gross area from bottom (mid -section) Yo~ 20.3 in
Steel centroid dist. to bottom Vo= 6.68 in 36 strands at bottom and 2 at top - see strain profile
Eccentricity of strand em= 13.6 in
Design concrete strength of girder f= 5 ksi  |From NCDOT load rating file
Design concrete compressive strength at time of
prestressing for pretensioned members and at
time of initial loading for nor!prestre'ss.e.d fim 4 ksi |AASHTO LRFD5.4.23.2, Pg -28
members. If concrete age at time of initial
loading is unknown at design time, f'ci may be
taken as 0.80 f'c (ksi).
Unit weight of concrete W= 0.145 kef  |AASHTO LRFD 5.4.2.4 & C5.4.2.4, Pg-30
Modulus of Elasticity for normal weight concrete (girder) E= 4291 ksi  |AASHTO LRFD 5.4.2.4, Pg-30
Modulus of elasticity of concrete at transfer (girder) E.= 3987 ksi  |AASHTO LRFD (C5.9.3.2.3a)
Modulus of elasticity for prestressing steel = 28500 ksi  |AASHTO LRFD 5.4.4.2, Pg-33
Moment of inertia of gross concrete secction about _ 4
centroidal axis neglecting the reinforcement I 125390 in
Girder volume (including ends) V= 430160 in®
Moment due to self-weight (girder only) Mg= 276 k-ft
Loss due to elastic shortening in pretensioned AFpes= | 1511 ksi  |Alternate equation, 5.9.3.2.3b, Pg-143.
members P

Approximate

Estimate of Time-Dependent Losses

Average annual ambient relative humidity (percent) H= 75 %

Correction factor for relative humidity of the ambient air Yh= 0.95 AASHTO LRFD 5.9.3.3, Eg- 5.9.3.3-2, Pg-145
Correction factor for specified concrete strength at time of . 1.220 AASHTO LRFD 5.9.3.3, Eq- 5.9.3.3-3, Pg-145
prestress transfer to the concrete member

Relaxation Loss Atyr= 2.4 ksi |AASHTO LRFD 5.9.3.3, Pg-145

Long-Term Prestress Loss Afy 1= 31.2 ksi  |[AASHTO LRFD 5.9.3.3, Eg- 5.9.3.3-1, Pg-145
Total Prestress Loss AF 1= 46.3 ksi  |[AASHTO LRFD Eg. 5.9.3.1-1
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APPENDIX F - LIVE LOAD MOMENT

Live load moments on longitudinal girders (adapted from AASHTO Manual for Bridge

Evaluation, 2019)

Live Load Moments in ft-kips per Wheel Line

Type of Loading (without Impact) Span, | Type of Loading (with Impact)

H-15 HS-20 3 3S2 3-3 ftc/lc | H-15 HS-20 3 3S2 3-3
15.0 20.0 10.6 9.7 10.0 5 19.5 26.0 13.8 12.6 13.0
18.0 24.0 12.8 11.6 12.0 6 234 31.2 16.6 15.1 15.6
21.0 28.0 15.2 13.8 14.0 7 27.3 36.4 19.7 18.0 18.2
24.0 32.0 19.1 17.4 16.0 8 31.2 41.6 24.9 22.7 20.8
27.0 36.0 23.1 21.1 19.1 9 35.1 46.8 30.1 27.4 24.8
30.0 40.0 27.2 24.8 224 10 39.0 52.0 354 32.2 29.1
33.0 44.0 31.3 28.5 25.8 11 42.9 57.2 40.7 37.1 335
36.0 48.0 354 32.2 29.2 12 46.8 62.4 46.0 42.0 37.9
39.0 52.0 39.6 36.1 32.6 13 50.7 67.6 51.4 46.9 42.3
42.0 56.0 43.7 39.9 36.0 14 54.6 72.8 56.8 51.8 46.8
45.0 60.0 47.9 43.7 394 15 58.5 78.0 62.2 56.8 51.3
48.0 64.0 52.1 47.5 42.9 16 62.4 83.2 67.7 61.7 55.7
51.0 68.0 56.3 51.3 46.3 17 66.3 88.4 73.1 66.7 60.2
54.0 72.0 60.4 55.1 49.8 18 70.2 93.6 78.6 71.6 64.7
57.0 76.0 64.6 58.9 53.2 19 74.1 98.8 84.0 76.6 69.2
60.0 80.0 68.9 62.8 56.7 20 78.0 104.0 89.5 81.6 73.7
63.0 84.0 73.1 66.6 60.2 21 81.9 109.2 95.0 86.6 78.2
66.0 88.0 77.3 70.5 63.6 22 85.8 1144 100.5 91.6 82.7
69.0 92.0 81.5 75.2 67.1 23 89.7 119.6 105.9 97.7 87.2
72.0 96.3 85.7 80.3 70.6 24 93.6 125.2 111.4 104.4 91.8
75.0 103.7 89.9 85.4 74.1 25 97.5 134.8 116.9 111.0 96.3
78.0 1111 94.2 90.5 77.5 26 101.4 144.4 122.4 117.7 100.8
81.3 118.5 98.4 95.6 81.0 27 105.7 154.1 127.9 124.3 105.3
85.1 126.0 102.6 100.7 84.5 28 110.6 163.8 1334 131.0 109.8
88.8 1335 106.8 105.9 88.0 29 1154 173.6 138.9 137.6 1144
925 141.0 112.9 111.0 91.5 30 120.2 183.3 146.8 144.3 118.9
99.8 156.2 125.3 121.2 101.5 32 130.0 203.1 162.9 157.6 132.0

107.4 171.8 137.6 1315 112.3 34 139.6 223.3 178.9 170.9 146.0
114.8 189.4 150.0 141.7 123.1 36 149.2 246.2 195.0 184.2 160.1
122.3 207.1 162.4 151.9 134.0 38 159.0 269.2 211.1 197.5 1741
129.7 224.9 174.8 162.2 144.8 40 168.6 292.4 227.3 210.8 188.3
137.2 242.7 187.2 172.4 155.7 42 178.3 315.3 243.3 224.0 202.3
144.7 260.4 199.7 182.7 166.6 44 187.5 3375 258.7 236.7 215.8
152.1 278.3 212.1 192.9 177.4 46 196.6 359.6 274.1 249.3 229.3
159.6 296.1 2245 | 203.2 188.3 48 205.7 381.7 289.4 261.9 242.8
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167.1 314.0 237.0 220.8 199.3 50 214.8 403.8 304.7 283.9 256.2
174.6 331.8 2494 238.4 214.3 52 223.9 425.5 319.9 305.8 274.8
182.0 349.7 261.8 256.1 231.3 54 232.8 447.3 335.0 327.6 295.9
189.5 367.6 274.3 273.8 248.3 56 241.8 469.1 350.1 349.4 316.9
198.8 385.4 286.8 2914 265.3 58 253.1 490.6 365.1 371.1 337.7
209.2* 403.3 299.2 309.2 282.3 60 265.8* 512.2 380.1 392.7 358.5
265.1* 492.8 361.5 398.0 372.2 70 333.1* 619.0 454.2 500.1 467.6
327.0* 582.4 423.9 487.1 471.9 80 406.8* 724.5 527.3 605.9 587.0
394.9* 672.2 486.3 576.4 571.7 90 486.7* 828.8 599.4 710.5 704.6
468.8* 762.0 548.7 665.9 671.5 100 572.9* 931.2 670.7 813.9 820.7
634.5* 941.6 673.6 845.1 871.3 120 764.0* 1,133.7 811.1 | 1,017.5| 1,049.1
824.2* 1,121.4 7985 |1,0245 | 10711 140 979.8* 1,333.3 949.2 | 1,217.8 | 1,273.2
1,038.0* | 1,384.0* 9235 12041 | 1,2709 | 160 1,220.1* | 1,626.2* 1,0855 | 1,415.3 | 1,493.9
1,275.8* | 1,701.0* 1,048.4 | 1,383.7 | 1,470.8 | 180 1,484.9* | 1,980.0* 1,222.3 | 1,610.6 | 1,712.0
1,537.5* | 2,050.0* 1,173.4 11,5635 | 1,670.8 | 200 1,774.0* | 2,365.7* 1,353.9 | 1,804.0 | 1,927.8
2,296.9* | 3,062.5* 1,485.8 | 2,013.0 | 2,170.6 | 250 2,603.1* | 3,469.8* 1,683.9 | 2,281.4 | 2,460.0
3,206.2* | 4,275.0* 1,798.2 | 2,462.6 | 2,670.5 | 300 3,583.5*% | 4,779.4* 2,009.8 | 2,752.4 | 2,984.7

* Based on standard lane loading. All other values are based on standard truck loading. HS-20 Truck has the same
loading configuration as HL-93 Truck which will be used in load rating calculations.
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APPENDIX G - LOAD RATING SAMPLE CALCULATION AND LITERATURE

REVIEW

G.1 Bridge Load Rating According to AASHTO LRFD and AASHTO Standard

Specifications
Materials and other Information Notation Value Units Notes/ Ref.
Span length L 61.2 ft
Depth of girder h 45.0 in
Structural slab thickness ts 7.0 in
Thickness of haunch ty 15 in
Bridge width (clear roadway) w 28.0 ft
Total bridge width (including barrier) 335 ft
Total slab thickness ts 7.25 in
NuManual for Bridge Engineeringr of traffic lanes 2.0 nos. |Integer value of w/12
Future wearing surface ty 2.0 in
Barrier weight Wg 455 Ib/ft
Concrete strength (girder) f= 5.00 ksi From NCDOT load rating file
Concrete strength at release (girder) Fi 4.00 ksi  |AASHTO LRFD 5.4.2.3.2, Pg -28
Concrete strength (deck) e deck 3.00 ksi From NCDOT load rating file; AASHTO 8.15.2.1.1
Compressive strength of deck at transfer foi deck 2.40 ksi Taken as: 0.8f ; AASHTO LRFD 5.4.2.3.2, Pg -28
Unit weight of concrete W, 0.145 kef AASHTO LRFD 5.4.2.4 & C5.4.2.4, Pg-30
Modulus of Elasticity for normal weight concrete (girder) E. 4291 ksi AASHTO LRFD 5.4.2.4, Pg-30
Modulus of elasticity of concrete at transfer (girder) Eg 3987 ksi AASHTO LRFD (C5.9.3.2.3a)
Modulus of Elasticity for normal weight concrete (deck) E¢ geck 3625 ksi AASHTO LRFD 5.4.2.4, Pg-30
Modulus of elasticity of prestressing steel Es 28000 ksi
Allowable tensile stress at service (midspan, Inventory) 0.424 ksi 6V 1
Allowable tensile stress at service (midspan, Operating) 0.530 ksi 7.5V 1,
Specified tensile strength of prestressing steel f 250 si Bonner drawings, Back calculate from prestressing force in

each strand, AASHTO LRFD 5.4.4.1, Pg- 33

Area of prestressing strand Aps 4.1 in *37, 7/16" strand

HS20 for rating based on the Strandard Specifications

Rating vehicle (Design) HL-93 for rating based on the LRFD Specifications

AADT >5000

Section Properties

Distance from centroid to the extreme top fiber of the non-composite girder Vat 24.7 in
Distance from centroid to the extreme bottom fiber of the non-composite girder Yab 20.3 in
Moment of inertia of gross concrete secction about centroidal axis I= 125390 in*
Avrea of cross section of the noncomposite section AF 559.5 in®
Distance between the centers of gravity of the girder and the deck €y 29.7 in
Distance from the center of gravity of composite section to the top fiber of the deck Vet 18.1 in
Distrance from the center of gravity of composite section to the top fiber of girder Yegt

Distance from the center of gravity of composite section to the bottom fiber of the .
girder Yeb 354 in
Composite moment of inertia le 378476 in*
Area of cross section of the composite section Ac 1148 in®
Steel centroid dist. to bottom €m 6.68 in 36 strands at bottom and 2 at top - see strain profile
Eccentricity of prestressing strand €pg 13.6 in

Dead Load Calculations

Girder moment My 276 k-ft
Slab moment Mg 362 k-ft
Barrier moment M, 53.2 k-ft
Future wearing course M, 79.1 k-ft
Moment due to diaphragm My 39.8 k-ft
Moment due to haunch M, 11.3 k-ft
Total dead load moment Mp 821 k-ft
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Stresses and Strength (at midspan and bottom of girder)

Total Prestress Loss (Refined Method) AFyr 46.2 ksi

Prestressing steel stress immediately prior to , 175 ksi 0.7, ; (18900/A,/1000)
transfer

Effective final stress fee 128.8 ksi

Effective final prestress force Pse 529 kips

Dead load stress on non-composite section o -1.34 ksi

Dead load stress on composite section feo -0.149 ksi

Stress from prestress force for 211 ksi Compression

Flexural Strength

Average stress in prestressing strand Tos 240 ksi PCI Bridge Design Manual, Article 9.1a.9

k 0.38 PCI Bridge Design Manual, Article 9.1a.9
Yield strength of prestressing strand foy 2125 ksi 0.85f,,
Distance from extreme compression fiber to centroid of prestressing strands dy 46.8 in h-y,
Stress factor of compression block Bl 0.85 0.85 for f < 4.0 ksi
Effective width of compression flange b 96.0 in
Distance from the extreme compression fiber to the neutral axis c 4.74 in PCI Bridge Design Manual, Article 9.1a.9
Depth of equivalent stress block a 4.03 in
Nominal flexural resistance M, 3683 k-ft PCI Bridge Design Manual, Article 9.1a.9
Factored flexural resistance M, 3683 k-ft  |PCI Bridge Design Manual, Article 9.1a.9
Live Load
Girder spacing S 8 ft
Distribution factor for bending moment Table 4.6.2.2.2b-1, AASHTO LRFD
Multi-lane loading LDF 0.596 0.075 + (5/9.5)° (S/L)*? (K/[12.0Lt.])""
Single-lane loading LDF 0.437 0.06 + (5/14)™* (I (Ky[12.0Lt°)*

Ky 732562 n(ly+ Agy)
Governing distribution factor 0.596 |lanes/girder|
for x/L=0-0.333 Miit-03 Design Truck NA k-ft Table 8.11.1-1, PCI Bridge Design Manual
for x/L = 0.333 - 0.500 MiLg3 Design Truck 821 k-ft  |Table 8.11.1-1, PCI Bridge Design Manual
Design Lane Load 0.640 kips/ft
Maximum bending moment at midspan MiiL93 Design Lare Load 299 k-ft  |Table 8.11.2, PCI Bridge Design Manual
Dynamic allowance M 33.0 % Table 18.1.3.2.3-1, PCI Bridge Design Manual
Live load moment My 829 k-ft  |18.6.7.1.3, PCI Bridge Design Manual
Live load stress flin -0.932 ksi 18.6.7.1.3, PCI Bridge Design Manual
Load Rating
Strength |
Inventory Rating RF 1.82 Table B6A-1, Manual for Bridge Engineering
Operating Rating RFop 2.36 Table B6A-1, Manual for Bridge Engineering
Service 111
Allowable tensile stress 6V 1,
Inventory Rating RFy 112 Table B6A-1, Manual for Bridge Engineering
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Service |

Compression stress limit state Article 6A, Manual for Bridge Engineering; Article 18.6.7.3, PCI Bridge Design Manual

Case |: The stress at the top of girder under 0.5 (permanent + transient loads)

Dead load stress on non-composite section fae 1.63 ksi

Dead load stress on composite section fer 0.04 ksi

Stress from prestress force for -0.47 ksi

Stress from live load foLl 0.25 ksi
Allowable stress Tatiow 2.00 ksi 0.4f;
Load rating RF 5.58

Case II: The stress at the top of girder under permanent + transient loads

Allowable stress Tatiow 3.00 ksi 0.4f;
Load rating RF 7.18

Case IlI: The stress at the top of slab under 0.5 (permanent + transient loads)

Dead load stress on composite section fot 0.08 ksi

Stress from live load fo 0.47 ksi

Allowable stress Tatiow 1.20 ksi 0.4F ¢ geck

Load Rating RF 2.45

Case IV: The stress at the top of slab under permanent + transient loads

Allowable stress fattow 1.80 ksi 0.6F ¢ deck

Load rating RF 3.63

Service 111 (Changing allowable tensile stress)

Allowable tensile stress 0.212 3V A,

Inventory Rating RFy 0.90 Table B6A-1, Manual for Bridge Engineering
Service 111 (Changing allowable tensile stress)

Allowable tensile stress 0.00 0

Inventory Rating RF\y 0.67 Table B6A-1, Manual for Bridge Engineering
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Rating for Design Loading Based on Standard Specifications

Prestress Losses

Initial prestressing force/strand 17.01 Kips

Effective pretension force after allowing for the initial losses Py 646 kips  |Article 18.6.5, PCI Bridge Design Manual
Ecentricity of prestress force g 13.62 in Article 18.6.5, PCI Bridge Design Manual
Averagfe cgncrete stress at the center of gra\{lty of the pretensioning steel due to fr 1752 ksi Article 18.6.5, PCI Bridge Design Manual
pretensioning force and dead load of girder immediately after transfer

Concrete stress at the center of gravity of the pretensioning steel due to all dead . . . .

loads except the dead load present at the time the pretensioning force is applied foas 0.659 ksi Article 18.6.5, PCI Bridge Design Manual
Elastic shortening loss ES 12.30 ksi Article 9.16.2, AASHTO Standard Specifications
Shrinkage loss (assume RH = 70%) SH 6.50 ksi Article 9.16.2, AASHTO Standard Specifications
Creep loss CR. 16.41 ksi Article 9.16.2, AASHTO Standard Specifications
Relaxation loss CRg 2.62 ksi Article 9.16.2, AASHTO Standard Specifications
Total prestress losses 37.8 ksi Article 9.16.2, AASHTO Standard Specifications
Effective final stress fee 137.2 ksi f,i - Total Loss

Effective final prestress force P 563 kips

Flexural Strength

Average stress in prestressing strand at the time when nominal resistance is required fos 239 ksi Avrticle 9.17.4.1, AASHTO Standard Specifications
Depth of equivalent stress block a 4.75 in

Nominal flexural resistance M, 3639 k-ft  |Avrticle 9.17, AASHTO Standard Specifications
Live Load (Take max of wheel/lane/tandem load)

Girder spacing S 8 ft

Distribution factor for bending moment (WSD/LFD)

Multi-lane loading WDF 1.455 Article 3.23.2, AASHTO Standard Specifications
Governing distribution factor 1.455  |lanes/girder|

Maximum wheel-load moment from chart (including impact factor) MwL-Hs20 525 k-ft  |APPENDIX C6B, Manual for Bridge Engineering
Live load moment/girder My 4 763 k-ft

Live load stress fiin -0.858 ksi 18.6.7.1.3, PCI Bridge Design Manual

Stress from prestress force for 2.25 ksi Compression

Total tensile stress at service fiotal -0.10 ksi less than f,,, allowable stress, -0.424 ksi

Load Ratings

Inventory rating with AASHTO factored load method RFy 1.55 18.6.6.2, PCI Bridge Design Manual

Operating rating with AASHTO factored load method RFop 2.59 18.6.6.2, PCI Bridge Design Manual

Inventory rating with AASHTO allowable stress method, 6\ e RF 1.38 18.6.6.2, PCI Bridge Design Manual

Inventory rating with AASHTO allowable stress method, 3V fe RF 113 Allowable stress - 3V fe

Inventory rating with AASHTO allowable stress method, 0 RFy 0.89

Allowable stress - 0

Similar calculations were performed when finding rating using NCDOT assumptions. The only
change was the prestress losses used in the calculation. For the load rating calculation specific to
each girder, the same procedure was followed except the flexural strength, prestress losses used
were obtained from laboratory measured values as well as Response 2000. Girder specific
calculations also used measure material properties instead of design values. To avoid repetition,

the detailed calculations were excluded since the procedure and equations are essentially the same

except for the change of the aforementioned input parameters.
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G.2 Purpose of Load Rating of Aged Bridges

Aging, environmental conditions, damage due to vehicular impact, and increased gross vehicle
weights result in structural deterioration that affects the load carrying capacity of bridges (PCI
BDM, 2014). The capacity of the bridge needs to be periodically reevaluated due to these changes
and the Manual for Bridge Engineering (MBE) requires to specify which vehicles can use the
bridge or if any level of restriction (posting) has to be imposed. This procedure is called load rating.
Around 10.0% of the nation’s bridges are structurally deficient and 14.0% are considered
functionally obsolete according to a statistics given by U.S. Government Accountability Office in
2014. Many bridges still in the use in the United States were built in the 1970s and have exceeded
their 50 year design life. There are only limited financial resources available to maintain this
infrastructure (Sanayei et al., 2012) and it needs to be properly allocated for rehabilitation and
replacement of these aged bridges. Truck miles travelled over bridges in 2008 were recorded to
have almost doubled over the previous 20 years and are expected to grow steadily (AASHTO,
2008). These additional traffic loading can contribute to deterioration of bridge infrastructure.
Other forms of deterioration such as prestress losses, deterioration of the concrete matrix,
corrosion, cracks, degradation in bond between reinforcing steel, etc. also can reduce the structural
capacity of member. A study of the literature indicates, most of the research conducted previously
used only non-destructive test data to obtain strain information, or is used to calibrate finite element
models that are then used to conduct load rating calculations. (Brena et al., 2013, Schiebel et al.,
2002; Chajes et al., 1997; Yost et al., 2005). Some studies have indicated that calculated load-
carrying capacities tend to be underestimated (Bakht and Jaeger, 1990; Goble et al., 1992; NCHRP
1998; Chajes et al. 2000). However, limited research has been conducted to perform destructive
tests of actual aged bridge girder specimens to determine their flexural capacity, shear capacity
and cracking stresses and in turn inform the load rating. Discussions from previous chapters has
shown that prestress losses have an impact on the cracking moment, first tensile stress and ultimate
capacity of these aged girders. Thus, accurate load ratings are critical for effective bridge
management and this study provides a unique opportunity to conduct load rating calculations for

four prestressed concrete girders after 56 years of service.
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G.3 Assumptions

Current practices uses 2D girder-by-girder analysis for rating bridges and typically do not model
the 3D behavior of bridge as factors such as deck continuity, diaphragms, and parapet stiffness.
Load rating is based on existing structural conditions, material properties. Field inspections can be
used to inform load rating. Rating factors determined at the end of service life can take into account
the compressive strength of cores extracted from the girders, current modulus of elasticity of the
prestressing strands, etc. It is assumed that any form of deterioration are usually accounted for by
reducing the cross-sectional area of concrete section or area of steel so that their effect can be
evaluated. The effective section properties are used to determine the resistance or strength of

section.
G.4 Methods of Load Rating according to AASHTO

Bridges are load rated for service and strength limit states. While the strength limit states allow for
the maximum permissible loads and is concerned about the nominal strength of the structure,
service limit states avoid cracking under routine service loads under current practices. Some DOTSs

limit the tensile stress in the girders to zero.
The Manual for Bridge Engineering describes the following rating methods:

1. Load and Resistance Factor Rating (LRFR) method consistent with AASHTO LRFD
Bridge Design Specifications.

2. Load Factor Rating (LFR) in accordance with Allowable Stress Design and Load Factor
Design of AASHTO Standard Specifications.

The generalized expression of load rating in LRFR method is as follows:

REF = C-0pO@O-Gpw) OW)(yp)(P) (76)
(vLL)(LL+IM)
For the strength limit states,
C=@cos9R, (77)

Where
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©.ps > 0.85 (78)

For the service limit states,

Where
RF = Rating factor
C = Capacity
fr = Allowable stress specified in the LRFD code
Rn = Nominal member resistance (as inspected)
DC = Dead load effect due to structural components and attachments
DW = Dead load effect due to wearing surface and utilities
P = Permanent loads other than dead loads
LL = Live load effect
IM = Dynamic load allowance
yoc = LRFD load factor for structural components and attachments
yow = LRFD load factor for wearing surfaces and utilities
v = LRFD load factor for permanent loads other than dead loads = 1.0
@c = Condition factor
s = System factor

¢= Condition factor
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Aged prestressed concrete bridges have undergone deterioration over their service life.
This can potentially increase the rate of future deterioration. To account for this uncertainty, the

condition factor is used. The system factor is taken as 1.00 for prestressed concrete bridges.

The general expression used in Load Factor Rating is as follows:

RF = A L(1+1)

(79)

Where

RF = Rating factor for the live load carrying capacity. The rating factor multiplied by the rating

vehicle in tons gives the rating of the structure
C = Capacity of member
D = Dead load effect on the member.
L = Live load effect on the member
| = Impact factor to be used with the live load effect
A1 = Factor for dead loads
A, = Factor for live load

The Rating Factor (RF) obtained may be used to determine the safe load capacity of the

bridge in tons as follows:
RT = RF xW (80)
Where
RT = Rating in tons for truck used in computing live load effect

W = Weight in tons of truck used in computing live load effect

261



G.5 Rating of Prestressed Concrete Bridges

The choice of method, either working stress or factored load method for rating of prestressed

concrete bridges depends on the bridge owner’s policy. Moreover, the bridge may be posted for

operating or inventory or an intermediate condition. For this study, the bridge is load rated by both

the methods and the safe load capacity of the Bonner Bridge girders are assessed. The rating

equations used for both LRFR and LFR method are listed below:

G.5.1 LRFR rating equations for different limit states

Strength I:
. ¢M,—1.25 (Mg+Mg+Mp+Mpp+My)—1.5My s
Inventory Rating, RFin=
entory Rating, IN M11a)(175)
. . dMy—1.25 (MG+MS+MB+MDP+MH)_1-5MWS
Operating Rating, RFop =
perating g, Riop (MLL+1)(1.35)
Where

ML+ = Live load moment =LDF{Mjane—ps 20 (ane) +

MAX(Mlane—HS 20 (Truck),Mlane—HS 20 (Tandem)) (1 + IM)}

Service Il

Inventory Rating, RFy = Latew~Upe*/p1)
0.8fLL+1

Where

faiow = Allowable tensile stress =6./f;

P, Pgee
fpe = Stress from prestress force = f 4 2 P979 fgy gb
g g

foL = Dead load stress on composite and non-composite section = fy, + fcp

(Mg+Mgqg+Mg+Mp)ygp

fnp = Dead load stress on non-composite section = — -
g
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_ (Mp+Mys)ycp

fco = Dead load stress on composite section = p
c

i M
fLi+ = Live load stress = —2-H2cb

c

Service |

Case I: Stress at the top of girder under 0.5 (permanent + transient loads)

— fallow—0.5 (th"'fCt"‘fprt)

RF
ferL
Where
fatiow = 0.4]?
fue= Dead load stress on non-composite section= -2 +M$d+11:’d+Mh)y9f
(Mp+Mws)Ycgt

fct= Dead load stress on non-composite section=

c

P, Pseepgy,
fort = Stress from prestress force = ¢ — =¢29-9

Ag Ig

MLL+1Ycgt

fcue= Live load stress =

c

(89)

(90)

(91)

(92)

(93)

(94)

(95)

(96)

Yegt = distance from the center of gravity of composite section to the top fiber of the girder

Case II: The stress at the top of girder under permanent + transient loads

— fallow— (FNet+feetfort)
feLL

RF

Case Il1: The stress at the top of slab under 0.5 (permanent + transient loads)

RF — fatlow— 0.5 fce
feLr

Where
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for = (Mp+Myys)yct
Ct— I
c

' M
fcL= Live load stress = —Lit¥et

c

failow = Allowable tensile stress =0.4f, jocx

Case IV: The stress at the top of slab under permanent + transient loads

RF — fallow_fc‘t

feLL

faiow = Allowable tensile stress =0.6f, jeck

Description of sectional property notations are appended at the end.
G.5.2 LFR Rating Equations

Inventory rating with AASHTO factored load method

Mn—1.3M
RFIN — ¢ n D
217Mpr41

Inventory rating with AASHTO factored load method

M, —1.3Mp
RFyp = ———
op 13Mpr41

Inventory rating with AASHTO allowable stress method, 6\f'c

_ fauow— (fpetfpL)

RFy =

fLi+1
Where

— Mir+1yep
MLy =— -
c
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APPENDIX H - SHEAR CAPACITY OF BONNER BRIDGE GIRDERS

Prestress losses and flexural capacity of Bonner Bridge have already been discussed in great detail.
The research program provided the unique opportunity to also determine the shear capacity of
recovered bridge girders through testing the ends of the members. In order to test the ends of the
girders, BTE3 and BTE4 were brought very near to their peak flexural capacity but did not
catastrophically fail the members so the ends could be tested in shear. The girders were tested in
three point bending test so that the shear capacity in certain load configurations could be
determined. BTE3 was tested on both ends while it was possible to test only one end of BTEA4.
This chapter outlines the experimental program, instrumentation, and behavior of prestressed

concrete girders in shear.

H.1 Girder Experimental Setup

The arrangement of the load was determined so that shear failures rather than flexural failures were
predicted. Also, it was determined that the shear span to depth ratio should be as large as possible
while avoiding flexural failures. The first test was conducted on the south end of BTE3. The south
end refers to the geographical south of BTE3 which had a shorter shear span. The shear span to
depth (a/d) ratio for the shorter span was 2.05. The supports were placed at 9 in inward from the
girder ends. A point load was applied at 8 feet 9 inches from the girder end in the shorter shear
span. The shear force and moment diagram from the applied load is shown in Figure H.1. Support
configurations and actuators used were the same as in flexural test. The side and end view of the

test setup can be seen in Figure H.2.
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Figure H.1: Applied shear and moment due to applied load in BTE3 South (Shear is in Kkips,
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Figure H.2: Experimental setup for BTE3 - South End
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The second and third test, north end of BTE3 and south end of BTE4 were tested in
different load configuration. The load plate was placed at 15 feet from one end of the girder. The
support near the load plate was placed at 6 feet from the end and the other support at 9 in from the
far end. The shear span to depth ratio for the shorter shear span was 2.31. The setup and the
corresponding shear force and bending moment diagram due to applied load is shown in Figure

H.3. Figure H.4 shows the side and end view of the test setup.
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Figure H.3: Applied shear and moment due to applied load in BTE3 North and BTE4 South
(Shear is in kips, moment is in kips-in).
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Figure H.4: Experimental setup for shear test of BTE3 North.

The first test was conducted to have a reaction to very much represent how the structure
would behave under a very large concentrated load near the support. In subsequent tests, the focus
was to understand how the web transmitted shear without the beneficial effects of the widened end
region near the support. This could provide additional information on the capacity of the girders.
The a/d ratio for all the three tests were less than 2.50. It is well known members with a/d ratio
less than 2.50 do not adhere to the classical plane-sections remain-plane hypothesis, and the
response likely corresponds to that of a disturbed region.

H.2 Instrumentation

All the girders were instrumented to obtain load, vertical displacement and deformation data along
the length of beam. Load was applied through a hydraulic actuator and measured using a load cell.
The hydraulic actuator was also instrumented with a displacement transducer that recorded the
displacement as load increased. Deformation of the girder between the loading point and the
support in the shorter shear span was measured using Digital Image Correlation (DIC). The
instrumentation was placed on the west face of BTE3 South and BTE3 North and east face of

268



BTE4 South. In addition to full field deformation data, string potentiometers were used to collect

vertical displacement at different location along the length of the girder.
H.2.1 Digital Image Correlation

Data on crack widths, their location and full field of deformation data was obtained with Digital
Image Correlation (DIC). DIC instrumentation is used to study the shear cracking behavior along
with flexural cracks that appear throughout the loading protocol. Images from the cameras were
taken at 2 Hz. The process of DIC instrumentation is the same as in flexural test and can be found
in section A2.2.4. Figure H.5 shows the speckle pattern and camera setup for shear test. The

speckled region for DIC data collection is shown in Figure H.6.

Figure H.5: DIC instrumentation and speckle pattern.

H.2.2 String Potentiometer

Five string potentiometers were placed underneath the beam at a spacing of 119 in. to measure the
vertical displacement of the beam throughout loading along with one additional string
potentiometer located at the loading point. The string potentiometer layout for BTE3 South and
that for BTE3 North and BTE4 South is shown in Figure H.6. The string potentiometer
displacements include the vertical displacement of the strong floor during loading, but the stiffness
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of the strong floor is much higher than that of the girder and does not contribute significantly to
the total deflection.
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Figure H.6: String Potentiometer and DIC Region (a) BTE3 — South End (b) BTE3 — North End
(c) BTE4 — South End
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H.3 Loading Protocol

Shear testing of the girder involved monotonic loading to failure in displacement control. During
the test, load stages were performed where loading was stopped so that the specimen could be
approacched. For BTE3-South, the load stages were performed at 80 kips, 220 kips, 230 kips, 250
kips, 270 Kips, 290 kips and 310 kips. For BTE3-North and BTE4-South, the load stages were
performed at 210 kips, 230 kips, 250 kips, 270 kips, 290 kips and the final load stage occurred at
310 kips. At each load stage, the load was reduced by at least 10% for safety concerns as a sudden
failure of concrete due to shear or cocnrete crushing may be catastrophic when the girder is
approached for crack measurements. Cracks were marked, photographed and their widths

measured using a crack comparator.
H.4 Experimental Observation

The results of the shear test of BTE series is outlined in this chapter. This includes the shear
capacity, load-deformation, longitudinal, principal and shear strain variation in the web, strains
maps from DIC and photographs from the experimental program. A summary of the speimen
properties, peak loads and crack widths is listed in Table H.1. The maximum actuator capacity was
reached prior to failing BTE3 at the South end. So, the strength is higher than that reported in
Table H.1.

Table H.1: Summary of shear test results

Max. Max. Max.
i f'c,girder Ec,girder €’ ¢ girder f'c.deck Ec deck € ¢.deck Applied Applied Crack
Specimen ] ) ] ) a/d .

(psi) (ksi) (x10% | (psi) | (ksi) | (x10%) Shear Moment | Width

(kips) (Kips-ft) (mm)

BTE3 North 2.31 287 2585 1.80
7270 5870 1.70

BTE3 South 5550 | 3950 2.08 2.05 276 2447 2.00

BTE4 South 7974 5051 2.09 2.31 274 2394 2.50
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H.4.1 BTE3 North

The girder failed in shear at a peak applied load of 344 kips and the corresponding applied moment
Is 2585 k-ft. Figure H.7 shows a photo of the specimen at the last load stage and at the peak applied
load. At the final load stage both the critical shear crack and flexural shear cracks can be seen. The
critical shear crack extended from the loading point to the support traversing across the entire depth

of web. A summary of the cracks marked and measured at the final load stage is provided in Figure

H.8. The maximum crack width observed at 310 kips of actuator load was 1.8 mm.

a) Final Load Stage : 310 kips b) Peak Load: 344 kips

Figure H.7: BTE3 North (a) Cracks at final load stage (b) Failure photo at peak applied load
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Figure H.8: BTE3 North Final Load Stage Crack Diagram (crack widths are in mm)

The vertical deflection of the girder was measured on the bottom of the beam at the loading
point using the DIC system. The deflection at peak load was 1.72 in. The load-displacement plot
is shown in Figure H.9. The girder displacement was also recorded by the string potentiometers
along the span for the monotonic loading can be seen in Figure H.10. The string potentiometer at
the loading point shows a deflection of 2.56 in. at peak load. The string potentiometer
displacements include the vertical displacement of the strong floor during loading and also support
displacements and could be the reason behind the difference between the maximum deflection

obtained from the DIC and the string potentiometer.
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DIC is used to measure the 3D deformation field of the specimen surfce. In order to study
the deformation and strains which leads to formation of cracks, the entire region from the loading
point to the support were speckled and the speckle images were analyzed. Additionally, horizontal,
vertical and inclined extensometers were placed in the test region to measure average strains in the
member. The virtual extensometers were used to determine the average horizontal strain, average
vertical strain, shear and principal strains across the web of the girder. Extensometers were placed

in the form of a strain rosette over the web region of the girder as illustrated in Figure H.11.

VIRTUAL
EXTENSOMETER (TYP.)

DIC CAPTURE REGION

Figure H.11: Strain rosette in the DIC region

Two sets of extensometer rosettes were used. The first one was located in the middle of the
DIC region (Am) and the other one was near the loading point (Ap). The set of extensometers in the
middle of DIC zone (Awm) is divided by the critical shear crack whereas the set near the loading
point (Ap) remains entirely below the critical diagonal crack. Figure H.12 shows the strains from
the extensometer rosette Em plotted against the applied moment due to actuator. It also shows the
DIC principal strain map at the peak load in the web region over which the extensometer rosette

was placed.
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Figure H.12: (a) Applied moment versus strain obtained from extensometer rosette Am (b) DIC

principal strain map at peak load with Am

The shear strain and principal strains are determined from the extensometer rosette by
fitting a Mohr's circle of “best-fit” using a procedure that has been developed by Ruggiero (2015).

The maximum horizontal, vertical, principal tensile, principal compressive and shear strains
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observed at peak load are 0.443 x 1073, 12.93 x 103, 13.65 x 103, 1.184 x 102 and 8.02 x 107,
respectively. All strains are elastic until the shear crack forms at around an applied moment of
1463 k-ft. The principal tensile strain occurs perpendicular to the critical shear crack and with the
increase in crack width, principal tensile strain increases rapidly. The variation of strain with
applied moment given by the extensometer rosette Ap placed near the loading point is shown in
Figure H.13. The maximum horizontal, vertical, principal tensile, principal compressive and shear
strains at peak load are 0.223 x 1073, 5.96 x 1073, 7.31 x 103, 0.975 x 10° and 6.12 x 103

respectively.
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Figure H.13: (a) Applied moment versus strain obtained from extensometer rosette Ap (b) DIC

principal strain map at peak load with Ap.

The maximum principal tensile strain at peak load in Awm is 1.87 times of that in Ap. This is
because the shear crack never crosses any extensometer in Ap at the current location of rosette
although there are flexure and flexural shear cracks which have relatively smaller crack widths.
The principal tensile strain at the peak load clearly depends on the number of the cracks it crosses
and the orientation of the extensometer. The DIC strain map shows the concrete above the critical

shear crack remains almost undeformed in comparison to the concrete section below.

The principal strain, €1, maps for 100 kips, 150 kips, the four load stages of monotonic
loading, and the ultimate load are provided in Figure H.14. These maps show the formation of
strain concentrations near the shear crack which begins at mid depth of the girder and slowly
progress towards the support and loading plate. Flexural cracks can also be seen forming at the
bottom of girder near the loading point. One interesting observation is that its possible for the shear

cracks to occur before the appearance of flexural cracks.
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0.000645 100 kips -0.00032  0.00069 150 kips -0.000305

0.00165 195 kips -0.00032  0.00905 210 kips -0.0004

0.00645 230 kips -0.00045 0.0101 250 kips -0.00035

0.0155 270 Kips -0.0004 0.0207 290 Kips -0.0004
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0.0225 310 kips -0.0004 0.0244 344 Kips -0.0004

Figure H.14: Principal strain (e1) maps at different stages of loading in BTE3 North.

The ultimate load strain maps for axial strains, ex and ey, shear strain, exy and yxy, and principal

strains, €1 and &2 are shown in Figure H.15.

0.024 € -0.0005 0.00058 € -0.0021

0.0113 Exx -0.0014 0.0007 Exy -0.0208
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0.0211 &y -0.0008 1.42 Yay -152

Figure H.15: Strain maps at peak load in BTE3 North.
H.4.2 BTE4 South

The girder failed in shear at a peak applied load of 319 kips and the corresponding applied moment
is 2394 k-ft. The specimen at load stages of 210 kips, 270 kips and at failure can be seen in Figure

H.16. Both the critical shear crack and flexural shear cracks can be seen at a load stage of 270 kips.

(@) (b)
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Figure H.16: BTE4 South (a) Cracks at a load stage at 210 kips (b) Cracks at a load stage of
270 kips (c) Failure photo at peak applied load.

A summary of the cracks marked and measured at the final load stage is provided in Figure
H.17. The maximum crack width observed at 310 kips of actuator load was 2.5 mm.

|
= e,
Im — Nd A2 um
.
N
i
|
|
|
_i
|
\

Figure H.17: BTE4 South Final Load Stage Crack Diagram



Similar to BTE3 North, the vertical deflection of the girder was measured on the bottom
of the beam at the loading point using the DIC system. The deflection at peak load was 2.44 in.
The load-displacement plot is shown in Figure H.18. The girder displacement was also recorded
by the string potentiometers along the span for the monotonic loading can be seen in Figure H.19.

The string potentiometer at the loading point shows a deflection of 2.56 in at peak load.
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Figure H.18: BTE4 South load-displacement plot using DIC system
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Figure H.19: BTE4 South displacement along length

Extensometer rosettes were placed over the web region to observe variation of strain with
applied moment. Figure H.20 shows the variation of strain over the web region with increase in
applied moment. At the peak load, the maximum horizontal, vertical, principal tensile, principal
compressive and shear strains at peak load are 0.933 x 103, 15.78 x 103, 17.07 x 103, 0.493 x 10-
3 and 8.10 x 1073 respectively.
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Figure H.20: BTE4 South (a) Applied moment versus strain given by extensometer rosette Am (b)

DIC principal strain map at peak load with Aw.

The variation of strain near the loading point with applied moment is shown in Figure H.21
along with the DIC principal strain map at peak load. At the peak load, the maximum horizontal,

vertical, principal tensile, principal compressive and shear strains at peak load are 0.855 x 1073,
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1.461 x 103, 3.06 x 103, 0.888 x 10 and 3.87 x 107 respectively. The strains near the loading

point are significantly less compared to the strains observed in the middle of DIC region.
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Figure H.21: (a) Applied moment vs strain near loading point of BTE4 South (b) DIC principal
strain map at peak load with Ap
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The applied moment versus strain is fairly linear until cracks start to appear when there is
a signficant increase in the principal tensile strain, shear strain and vertical strain. The largest
principal tensile strain occurs in extensometers placed in vertical and perpendicular to the shear
crack. This is because of the elongation of cracks and also due to the curvature of the girder.
Concrete above the shear crack is relatively undeformed but flexural cracks can be seen

underneath.

Strain maps for the full DIC field of view between the load plate and support are provided
below. The principal strain, €1, maps for 100 kips, 150 kips, the four load stages of monotonic
loading, and the ultimate load are provided in Figure H.22. The ultimate load strain maps for axial

strains, ex and &y, shear strain, yxy, and principal strains, €1 and &2 are shown in Figure H.23.

0.00095 100 kips -0.00031 0.00099 150 kips -0.0004

0.0036 210 kips -0.00036 0.00555 230 kips -0.00045
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0.01045 250 kips -0.00055 0.0183 270 kips -0.0007

0.0209 290 kips -0.0007 0.024 310 kips -0.0008

0.022 319 kips -0.0006

Figure H.22: Principal strain (¢1) maps at different stages of loading in BTE4 South.
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-0.0006 €1 0.022 -0.00435 € 0.00105

-0.0021 Exx 0.00785 -0.0176 Exy 0.0016

-1.56 Ty 1.54

Figure H.23: Strain maps at peak load in BTE4 South.
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-0.00046 e1[1] -enar. 0.00094
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250 Kips
Figure H.24: Principal strain map of BTE3 South at load stages.
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